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SUMMARY
The system-based design approach for steel structures using advanced
structural analysis, referred to as the Direct Design Method (DDM), has gained
much research interest from the scientic community, and has been permitted in a
number of steel structural specications such as American specication AISC360
and Australian standard AS4100. Unfortunately, even the most sophisticated
nonlinear analysis method cannot predict the actual performance of a structure
with certainty due to ever-present uncertainties in the demands imposed to the
structure and structural resistance. To fulll the goal of assuring a prescribed
level of structural reliability in the DDM, a resistance factor applied at the system
level (system resistance factor) is used in the DDM. The system resistance factor
needs to be determined based on a system reliability calibration procedure.
This thesis examines the role of connection behaviors and the associated uncer-
tainties on the system reliabilities of semi-rigid frames designed by the DDM. Prob-
abilistic models of connection properties (connection stiness and strength) are
established for ve types of commonly used connections based on the connection
test data compiled from the literature, including the single web angle connection,
double web angle connection, top and seat angle connection (with or without web-
angle), and extended end plate connection. The popular three-parameter-power
model is used to compute the \nominal" moment-rotation response of the connec-
tions, to normalize the test data. By comparing the test-to-nominal results, the
mean-to-nominal ratio and coecient of variation of connection stiness/strength
are estimated, and incorporated in the system reliability analyses.
Six series of typical planar steel frames with partially restrained beam-column
connections are selected for conducting system reliability calibrations for the DDM.
For each model frame, dierent types of connections with dierent stiness and
xvi
strength are considered, including the extended end plate connections, top and seat
withe double web angle connections, and double web angle connections. First, the
design strength of the frame given by the DDM and AISC LRFD are compared.
Then, system reliability evaluations are performed for two most common design
load combinations, i.e., combined wind and gravity loads, and gravity load only
combination. Dierent loading scenarios are considered (wind-to-gravity load ra-
tio, live-to-dead load ratio). The eects of connection type, connection stiness
and strength on the system reliability and system resistance factor are investi-
gated. The relationship between the system resistance factor and frame reliability
is established, which can serve as a basis for the code writers to choose the appro-
priate system resistance factors for the DDM of semi-rigid frames.
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CHAPTER 1
INTRODUCTION
1.1 Background
The last two decades have witnessed a rapid development of fully nonlinear struc-
tural analysis methods. Advanced nite element (FE) methods are available for
analyses of structural frames, capable of capturing the true behaviour of steel
structures subject to complex plasticity/buckling modes. The advanced analy-
sis has been increasingly incorporated in software packages, e.g., the popular FE
software ABAQUS, the Australian software Strand7, and the open-source software
OpenSees. As such, reliable advanced analysis tools are readily available.
The impressive developments in structural analysis methods and computing
power have made it possible to design steel structural frames by advanced nonlin-
ear FE analysis based on overall system behaviours without the need of individual
member checks. The design-by-advanced analysis approach has been gradually
permitted in steel specications, including the Australian steel standards AS4100
(1998), latest revision of AS4600 (2005) (cold-formed steel structures), AS4084
(2012) (steel rack structures), and the American steel specication AISC 360-16
(2016). The fully nonlinear structural analysis is referred to as advanced analysis
in Australia (AS4100, 1998) and North America (AISC 360-16, 2016)1, and in Eu-
ropean terminology, \GMNIA" (geometrically and materially nonlinear analysis
with imperfections included). The system-based design approach using advanced
analysis is termed as Direct Design Method (DDM) in this thesis.
The unique feature of the DDM is that system failure (ultimate load) rather
than the rst plastic hinge is regarded as the design criterion. The DDM must
1The method was referred to as second-order inelastic analysis in earlier version AISC 360-10
(2016).
1
take into account geometric and material nonlinearity, including the eect of resid-
ual stress and initial geometric imperfections. Appendix 1 of AISC 360-16 (2016)
states that \Strength limit states detected by an inelastic analysis that incor-
porates all sources of major nonlinear actions are not subject to the load and
resistance factor design (LRFD) member-based design checks in the Specication
when a comparable or higher level of reliability is provided by the analysis." The
DDM represents a new system-based paradigm for steel frame design, and oers
several important advantages over the existing member-based design method such
as in AS4100 (1998) and AISC LRFD (AISC 360-16, 2016). A rigorous nonlinear
analysis can accurately determine the complex interactions between members of a
large structural system, and capture the benecial system eect of load redistribu-
tion after the initial formation of plastic hinges (Ziemian et al., 1992a; Clarke et al.,
1992; Chen and Kim, 1997; White and Hajjar, 2000; Kim et al., 2001; Trahair and
Chan, 2003; Ngo-Huu et al., 2007; Zhang and Rasmussen, 2013a; Zhang et al.,
2014). Thus, the DDM often leads to the design of lighter and more economical
structures than LRFD, which is based on a \rst-hinge" criterion. The DDM can
determine structural performance from initial loading up to collapse, permitting
designers to better understand the system behavior. This feature is especially
important in performance-based design, which is closely coupled to knowledge of
system behavior. Since the DDM can explicitly indicate the failure mode(s), it be-
comes possible to identify dierent performance limits in design (e.g., rst yielding
or hinge, incipient system instability, etc.).
In summary, the drive towards the DDM is motivated by the following key
factors:
 The DDM is potentially more ecient as it eliminates the need for checking
individual member/section capacities based on specications.
 It can achieve more uniform structural system reliability.
 It provides greater understanding of the behaviour of the structural system
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including its failure mode. the limit state member design in the conventional
method.
 It is a powerful tool that can be employed to design new and challenging
geometries not covered by current member provisions, thus encouraging in-
novation in structural and architectural forms.
From a structural analysis point of view, the technical barriers to the use of the
DDM in practical design have diminished, as signicant advances in computerized
structural analysis have occurred during the last two decades. Structural analysis
software used by structural engineers nowadays often incorporates various levels of
inelastic analysis. Nonetheless, due to ever-present uncertainties in the demands
imposed to the structure and structural resistance, the actual performance of
a building cannot be predicted with certainty with even the most sophisticated
nonlinear structural analysis. To account for these uncertainties and control the
structural failure risk arising from these uncertainties, a resistance factor (s)
at the system level (system resistance factor) is used in the DDM. The current
resistance factors (for members) stipulated in the specication, e.g. b = 0:9 for
exural members, c = 0:9 for compression members, and  = 0:75 for fasteners in
LRFD (AISC 360-16, 2016), were intended for safety check of individual member,
as opposed to the system-level check in the DDM. The system resistance factor
needs to be determined by a structural reliability calibration procedure conducted
at the system level.
In conventional steel structural design, beam-to-column connections are cus-
tomarily idealized as perfectly pinned or rigid. Numerous experimental and nu-
merical studies have shown that semi-rigidity in connections can signicantly aect
the strength and serviceability of unbraced steel frames. Since the main aim of
using the DDM is to realistically simulate the response of a frame, the eect of
partial rigidity of connections needs to be included in the DDM. The research of
modelling of steel connections are rather mature as far as the initial stiness and
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the ultimate strength are concerned. Many structural analysis software is capa-
ble of modelling nonlinear semi-rigid connections in frame analysis. However, to
date, most reliability studies for the Direct Design Method did not consider the
partial rigidity of connections. The role of connection behaviors and the associ-
ated uncertainties on system reliability and system resistance factor has yet to be
studied.
While the randomness in the parameters dening the strength of members,
including yield stress, geometric tolerances and imperfections, has been researched
and statistical models are available for their distributions, there is little study on
the statistics of the main variables controlling the strength and behaviour of steel
connections. Hence, the two main impediments for moving towards the DDM
of semi-rigid steel frames is the lack of (i) probabilistic models of connections
properties, and (ii) fundamental research at system level that incorporates random
variations in connections properties into the reliability analysis of the system.
1.2 Objectives and scope
Towards the aim of incorporating the behaviour of steel connections in the single-
step DDM procedure, the objectives and scope of this thesis include:
 Acquire statistical data for key random variables aecting connection sti-
ness and strength, and establish their statistical models.
 Integrate stochastic models of connection properties into reliability analyses
of structural frames at system level.
 Propose a practical limit state design criterion for the DDM of steel frames
with partially restraint connections.
1.3 Thesis outline
The background, objectives and scopes of the thesis is introduced in Chapter 1.
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Chapter 2 reviews the dierent structural analysis methods and design meth-
ods, particularly the design-by-advanced analysis methods in AS4100 and AISC360.
In addition, it introduces nonlinear structural modelling in the software OpenSees,
which is the structural analysis platform for this study. The existing researches
on system reliability calibration of the DDM are reviewed.
Chapter 3 introduce the basic structural reliability theory, and the common
structural reliability analysis methods, including Monte Carlo method, First-Order
Reliability Method, and Latin Hypercube Sampling method. It also introduces
the probabilistic models of the uncertainties that need to be considered in devel-
oping limit state criteria of the DDM, including random material properties and
geometric properties of steel structures, the modelling uncertainty of the DDM,
structural loads and load combinations.
Chapter 4 examines the design strength and system reliabilities of a number
of simple yet representative structures with rigid connections. The AISC LRFD
and the DDM are compared. These structures have dierent structural behaviour
and failure modes than those previously studied.
Chapter 5 presents the development of probabilistic models of connection prop-
erties. Five types of commonly-used connections are considered, including single-
web angle connection, double-web angle connection, top and seat angle connection
(with or without web-angle), and extended end plate connection. Dierent models
describing connection moment-rotation response are reviewed from a view of his-
torical development. The stochastic characteristic of connection properties (initial
stiness and moment capacity) of the ve types of connections are obtained using
the connection test data compiled from the literatures. The probabilistic models
of connection properties will be used in the reliability calibrations of Chapter 7.
Chapter 6 investigates six series of typical planar steel frames with partially
restrained beam-column connections. For each model frame, three types of con-
nections are considered, including the extended end plate connection, top and seat
with double web angle connection, and double web angle connection. The design
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strengths of the frames given by the DDM and AISC LRFD are compared.
The six series of model frames are further considered in Chapter 7 as the
baseline frames for performing system reliability calibrations for the DDM. Both
gravity load combination and wind load combination are considered. The interac-
tion of the system resistance factor and frame reliability is established, which can
serve as a basis for the code writers to choose the appropriate system resistance
factors for the DDM of semi-rigid steel frames.
Finally, the main research ndings and conclusions of the study are summarised
in Chapter 8.
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CHAPTER 2
REVIEW OF ANALYSIS AND DESIGN
METHODS
Current structural design methods perform safety checks for individual members
without explicitly considering structural system eects. The next generation steel
design methods will move from member to system design. To perform a system-
based design, sound understanding about structural behaviour under external
loads is needed. In the procedure of the design, it is necessary to simultane-
ously consider all key factors which are related to the strength and stability of
a frame. This chapter reviews dierent analytical and design methods of struc-
tures. In particular, the design-by-advanced analysis provisions in AS4100 and
AISC360-16 are discussed.
2.1 Structural analysis method
Fig. 2.1 illustrates the response curves (load versus displacement) for a frame
under static loads, obtained using dierent analysis procedures, including
 First-order elastic analysis
 Second-order elastic analysis
 First-order elastic-plastic hinge analysis
 Second-order inelastic analysis (advanced analysis)
These analytical methods are briey reviewed.
2.1.1 First-order elastic analysis
The rst-order elastic analysis bases the equilibrium of a structure with the un-
deformed shape. Material is elastic. The P - (for the frame) and P - (for the
7
Figure 2.1: Structural analysis methods.
members) eects are not captured in the analysis. It is assumed that the relation
between the applied loads and deformations is linear. The internal force distri-
butions of a frame are considered to be displacement-independent. Structural
responses from dierent load cases can be combined using superposition.
2.1.2 Second-order elastic analysis
This analysis takes into consideration the changes of the eective stiness of
structural members and the impacts of elastic instability. Design loads act on
a structure with a deformed state. The equations of equilibrium is established
considering structural displacements. Consequently, structural response becomes
nonlinear, which means the principle of superposition can no longer be used. In
this analysis, materials are assumed elastic without yielding.
While these days direct second-order analysis becomes common in engineering
practice, P - eect may be approximated using the rst-order analysis results
with moment amplication (AISC 360-16, 2016; AS4100, 1998).
2.1.3 First-order elastic-plastic hinge analysis
Yielding is taken into consideration through modelling fully yielded cross-sections
as plastic hinges, given dened nonlinear properties of materials. However, the
impacts of second-order stability are neglected. The equations of equilibrium
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are established assuming structures are undeformed. Materials are modelled as
elastic-perfectly-plastic.
To provide an upper bound for this analysis, rst-order rigid plastic analysis
can be performed which assumes all rational deformations are spread discretely
(in the areas of plastic hinges) if full plastic strengths are reached (Beedle, 1966).
The rst order elastic-plastic hinge method cannot consider cases where yield-
ing is distributed on the cross-sections of the frame member and along its length.
It does not consider the second-order eects. Since the part of a member between
two plastic hinges is assumed as elastic, structural stiness is usually overestimated
by this method (Li and Lui, 1995).
2.1.4 Advanced analysis
During the last three decades, a lot of eorts have been made in the studies of ad-
vanced analysis of steel structures, e.g., (Surovek, 2011; Chen and Kim, 1997; Liew
et al., 1993; Ziemian, 1990). In this type of analysis, all key factors inuencing
a structures strength and stability are considered, notably geometric nonlinearity
(second-order eects), the material nonlinearity (yielding), initial geometric imper-
fections, residual stresses, and connection behaviour. Currently, advanced analysis
represents the most accurate and sophisticated structural analysis method.
In general, an inelastic analysis is classied as: plastic hinge approach which
considers plasticity as concentrated, and plastic zone approach which models
spread plasticity.
2.1.4.1 Plastic hinge analysis
The most simplied method considering plastic hinges is the elastic-plastic hinge
analysis method (White, 1993). The stability function is applied to consider non-
linear eects of the geometry. In the classic hinge method, yielding concentrates
at plastic hinges which are modelled as zero-length. Gradual yielding along the
member length or through cross-sections cannot be modelled. Some signicant
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renements have been made to the classic hinge method, including rened elastic-
plastic hinge approach, and quasi-plastic hinge approach.
In the rened elastic-plastic hinge method, a tangent modulus (Et) is used to
capture the plasticity spread along the member under large axial, bending forces
and residual stresses. A lot of research eorts have been made in employing this
method (Al-Mashary and Chen, 1991; Deirelein et al., 1991; King et al., 1992;
Liew, 1992; Ziemian et al., 1992a,b; Liew and Tang, 1998; Kim and Lee, 2002).
The eect of local buckling was taken into account by Avery (1998).
Attalla et al. (1994) developed an analysis method where plasticity is modelled
as the intermediate between plastic hinges and plastic zones. In order to consider
the plasticity spread through members under combined axial and bending forces,
basic equilibrium, kinematic and constitutive relationships are used to a 2D ele-
ment. Nonlinear moment-curvature-axial force behaviour of the element is tted
so as to capture gradual plastication though the cross-section area. The tted
function is integrated along the length of the element to calculate elastic-plastic
exibility coecients. Then the exibility coecients are used to build up the
stiness matrix of an inelastic element where the nonlinearity of geometry is also
considered. Benchmark problems sensitive to plasticity have been used to verify
the method Attalla et al. (1994). The error of the method was shown below 5%.
2.1.4.2 Plastic zone analysis
The main characteristic of a plastic-zone analysis is to allow gradual yielding
and plasticity to be spread along the members of a steel framework. Generally
speaking, this method has higher accuracy than plastic hinge method, since it can
directly incorporate the major factors relating to structural strength and stabil-
ity, e.g., initial geometric imperfections and residual stresses. In many research
including Vogel (1985) and Liew et al. (1993), this method has been regarded as
an accurate approach and utilized to verify the accuracy of simplied approaches,
for example the modied plastic hinge methods.
In the beam element-based plastic zone analysis, the cross-section is divided
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into bres as shown in Fig. 2.2 (Toma and Chen, 1992; Clarke et al., 1992; White,
1985; Alvarez and Birnstiel, 1969). Numerical integration is performed to calculate
the deformation and stiness at the position of each bre. The increments of load-
deection responses at each loading step are calculated, when geometry is updated
correspondingly.
Figure 2.2: Plastic zone method: bre discretization of a cross-section.
By discretizing sections and members in a ne resolution, the plastic zone
analysis can provide an accurate prediction for structural inelastic behaviour. It
was argued that the analysis could be used to replace full-scale frame tests (Toma
and Chen, 1992). The plastic zone analysis typically requires a ne discretization.
In the past, using the plastic zone analysis for routine design was considered
impractical because of its expensive computational cost, and thus it was mainly
used for the development of design guidelines and special design applications (Kim,
1996). Nevertheless, a lot of progress has been made in computing power. The
plastic zone analysis started to become more practical and has been incorporated
in many FE analysis software packages such as Strand7, OpenSees and ABAQUS.
2.2 Advanced analysis in OpenSees
In this thesis, two-dimensional advanced analyses are conducted using the open-
sourced FE software OpenSees (Mazzoni et al., 2007). The modelling details are
discussed in this section.
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OpenSees can perform static analysis and transient analysis. The \Static"
analysis option is used in this study. A static analysis can be performed using the
\load" or \displacement" as the control parameter. Fig. 2.3 schematically shows
the load-displacement response obtained from the load control and displacement
control, respectively. With displacement-control, the complete load-displacement
response can be obtained, including the descending part. While the load-control
method can only obtain the load limit point.
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Figure 2.3: Load-displacement curves, load control versus displacement control.
In OpenSees, there are eight procedures of solving the nonlinear equations,
including: Linear, Newton, Broyden Algorithm, BFGS, Secant Newton, Modied
Newton, Krylov-Newton and Newton with Line Search Shayan et al. (2014a). In
this study, typically Newton Line Search Algorithm is used. Line search improves
the eectiveness of the Newton method when convergence is slow due to roughness
of the residual.
2.2.1 Elements
The FE models in this study typically use the displacement-based beam-column
element in OpenSees. This is a ber-type element for plastic zone analysis as
introduced in Section 2.1.4.2. The `Fiber Section' command is used to generate
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all the section's bers, and then the `Patch' command is used to generate lots
of bers over the cross-sectional area. With these two commands, each of the
web/ange is divided into segments. Fig. 2.2 shows the discretization of an I
section, in which the ange/web are discretized into 212 segments. The residual
stress can be modelled explicitly by adding dierent values of initial stresses to
each segment according to the given residual stress pattern.
For the structural analyses performed in this study, typically each beam/column
is discretized into sixteen elements.
2.2.2 Material model
Steels with elastic-perfectly plastic behaviour can be dened using the command
`uniaxialMaterial ElasticPP'. If strain hardening is to be considered, the embedded
material \ReinforcingSteel" in OpenSees can be used instead of \ElasticPP". This
material model includes yield stress(fy), ultimate stress (fu), Young's modulus
(E), tangent at initial strain hardening (Esh = 0:02E), the strain corresponding
to initial strain hardening ("sh = 12fy=E) and Strain at peak stress ("ult = 0:2),
as shown in Fig. 2.4. In this study, the change in cross-sectional area is assumed
to be small, thus the nominal stress (engineering stress) is a valid approach.
2.2.3 Connections
The nonlinear moment-rotation response of a connection is modelled by a zero-
length connection element. OpenSees provides a script \RotSpring2D" for creating
a rotational spring for a planar problem. For modeling a multi-linear moment-
rotation curve as shown in Fig. 2.5, a uniaxial multilinear material object is con-
structed using the command `uniaxialMaterial MultiLinear'. In Fig. 2.5, M is the
moment and r is the rotation. The curve has been approximated by a multi-linear
model.
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Figure 2.5: A multi-linear model of connection moment-rotation response.
2.2.4 Initial geometric imperfection
This study only considers the frame out-of-plumbness (sway imperfection). The
member out-of-straightness is not considered. The initial geometric imperfections
are realized in the FE models by moving the nite element nodes from the idealized
positions to the predened imperfect positions.
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2.3 Conventional member-based design
Conventionally, steel structures are designed according to structural standards in a
two-step approach, i.e., rstly the internal actions including the bending moments
and axial forces are obtained through a structural analysis, the complexity of which
can be somewhat diverse; afterwards, the safety of each individual members and
connections are checked according to the provisions stipulated in the specications,
e.g., AISC 360-16 (2016), Eurocode 3 (2005), and AS4100 (1998). By way of
example, the AISC LRFD (load and resistance factored design) has a design format
as
Rn  iQni (2.1)
in which  is the member resistance factor, Rn is the nominal member capacity
of a structural member, calculated per the specication equation, Qni is the ith
load eect, and i is the corresponding load factor. The structural loads Qni and
load factor i are specied in the loading standard ASCE7 (ASCE7, 2016). The
Australian standard AS4100 (1998) also adopts a very similar design format.
In current design methodology, a frame is considered reaching its strength
limit state once one or more members of the structure have reached their limit
states. System behaviour is accounted for only implicitly and approximately by
using eective length factors. Nevertheless, in a large structural system, structural
members interact with each other in a complex way, which cannot be accurately
captured by the method of eective length factors. Moreover, eective length fac-
tors cannot model how loads are redistributed in indeterminate structures (Chen
and Kim, 1997). Many previous work has demonstrated that a modest capacity
of load redistributing may increase the load carrying capacity of a steel system
considerably than the prediction of the current component-based design method-
ology (Moore et al., 1993; Hendawi and Frangopol, 1994; Zhao and Ono, 1998;
Kim et al., 2003; Buonopane and Shafer, 2006). The member-based approach pre-
vails in the past, partly due to the unavailability of accurate nonlinear structural
analysis methods and software.
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2.4 Design by advanced analysis
Several specications permit the use of advanced analysis-based design for steel
structures, including the Australian/New Zealand steel standards AS4100 (1998),
and the American steel specication AISC 360-16 (2016). This section will rst
introduce the formats of safety checks in the design using advanced analysis, then
review the relevant provisions in AS4100 and AISC360-16.
2.4.1 Advanced analysis safety checking format
In a general form, limit state design can be expressed as:
design strength  required strength: (2.2)
In the safety checks at a system level, the required strength of a frame equals
to the combination of relevant structural loads, i.e.,
required strength =
X
iQni; (2.3)
in which Qni are nominal loads and i are the load factors, determined according to
the loading standards (e.g., ASCE7 (2016) and Australian/New Zealand loading
standard (AS/NZ 1170.0, 2002)). It is assumed that the current rules of structural
loads and load combinations are still applied to the system-based design. While
the loading conditions for system-based design require further study, the existing
structural loads and load combination schemes are used in the present study to
be consistent with current practice.
Two methods can dene the design strength of a frame in Eq. (2.2): through a
(global) system resistance factor, denoted by s, or a group of (partial) resistance
factors reducing the basic strength and stiness parameters of each member and
connections. The former approach is adopted in this thesis, while AS4100 and
AISC360 uses the latter approach. This will be discussed subsequently.
2.4.2 AS 4100
The provisions for design using advanced analysis were incorporated in Appendix
D of AS4100 (1998). Advanced analysis can be used to check the integrity of
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a structural system with compact sections and members braced against exural-
torsional buckling. The capacities of cross-section and connections also need to
be checked. So by following these provisions, strength limit states are checked at
both global (e.g., frame) and section levels. Especially, the design needs to
1. Check the integrity of the framing system under the factored loads using
nominal values of structural material properties and geometric properties.
2. Check the capacity of section yielding. The check of section capacity for a
compact section is given by
P
Py
+
Mx
Mpx
+
My
Mpy
 1; (2.4)
where  is the member resistance factor (0.9 in this case), P is design axial force,
Py is nominal axial yield strength, Mx is the design bending moment about the
major principal axis and My the one about the minor principal axis, Mpx is the
nominal section plastic moment about x-axis and Mpy is the one about y-axis. P ,
Mx andMy are obtained from advanced analysis. Note that the member resistance
factors are used in Eq. (2.4).
When plasticity is considered as concentrated and modelled as plastic hinges in
the advanced analysis, the current member resistance factors can be used for the
section yield surface, which is contracted isotropically to a design (reduced) yield
surface. This approach was used in Ziemian et al. (1992a) where compression,
tension and bending terms of the yield surface equation were factored by corre-
sponding AISC LRFD resistance factors. Similarly, Eq. (2.4) can be considered
as a yield surface contracted isotropically by a member reduction factor of 0.9.
When plasticity is considered as distributed and modelled as plastic zones,
theoretically, there is no need to check the capacity of section yielding. Never-
theless, based on AS 4100, the capacity of section needs to be checked even with
a plastic zone analysis. In 1998 when the advanced analysis was rst introduced
in AS4100, it remained unclear how the resistance factors should be used in the
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analysis and design procedure. The checks of section capacities, using member re-
sistance factors, needed to consider the uncertainties of system, member stiness
and strength.
2.4.3 AISC 360
Appendix 1 of (AISC 360-16, 2016) permits using the advanced analysis to su-
persede the Specication design equations, on the condition that the limit states
represented by the specication equations are captured in the advanced analy-
sis. The scope of advanced analysis is extended to non-compact cross-sections
and members not fully braced, provided the relevant limit states are captured in
the analysis. The limit states, if not modelled in the advanced analysis, must be
veried per the Specication equations. Two methods can be used to ensure the
ductility of members and connections: (1) restricting the factors which control the
inelastic deformation capacities of components, for instance the unbraced length
and the slenderness of components; (2) limiting the inelastic deformation demands
not to exceed their predened inelastic deformation capacities. The specication
recommends the rst approach.
To fulll structural reliability requirement, the stiness and the yielding strengths
of all connections and members are reduced by 10% in the system analysis. There-
fore, the strength of slender structures having elastic failures will also be reduced.
It is acknowledged in the commentary of AISC 360-16 (2016) that the reduction
factor of 0.9 originates from the resistance factors in the AISC LRFD of exural
and tension members controlled by yielding limit states. The value of 0.90 has
not been calibrated using any system reliability analysis, although it is deemed as
acceptable.
In a nonlinear analysis, it is common to represent applied loads as reference
loads scaled by an applied load factor (or load scaling factor) . Overall, the
steps of performing design based on advanced analysis method in AISC 360 are
summarised as:
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1. Develop a nonlinear structural model with the reduced (0.9) values of strength
and stiness of all members and connections;
2. Apply the loads   iQni, when the load scaling factor  is increased in-
crementally;
3. Check whether the ultimate load factor, n, is equal to or larger than 1.0.
2.4.4 Direct Design Method
The DDM adopts a (global) system resistance factor, s, to fulll structural reli-
ability requirement. s is applied to the nominal strength of whole frame, i.e.,
design strength = sRn(X1; X2; : : : ) (2.5)
in which X1; X2 : : : are the nominal values of structural properties, Rn() = is
the nominal values of system strengths calculated by advanced analysis, and s
represents a system resistance factor. It means the current design format of LRFD
are extended to the case of a whole frame in an integrated way:
sRn 
X
iQni: (2.6)
The steps to check the safety of a structural system using the DDM is sum-
marised as:
1. Develop the structural models for advanced analysis in which the nominal
values of material properties and geometric properties are used.
2. Impose the loads  iQni on the frame, and incrementally scale up  until
system collapse to obtain the ultimate load scaling factor n.
3. Check whether the ultimate load factor n  1=s.
In the DDM, frame collapse or instability is the system ultimate limit state.
Typically, the peak load in the frame load-displacement response represents the
ultimate strength of the frame. If the load-displacement response does not show
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softening, the limit point is taken when the slope of the load-displacement curve
decreases to 5% of its initial value (Ziemian et al., 1992a).
The DDM is not to be confused with the \Direct Analysis Method" which is
abbreviated as \DM" and appears in Chapter C of AISC 360-16. In DM, rigorous
second-order elastic analysis is performed, where member imperfections are mod-
elled directly and member stiness is reduced to model the impacts of inelasticity
and residual stress on structural stability. Although in DM member and system
stability are checked directly without the eective length factors, the safety check
is still performed at the member level, Therefore, DM is still a member-based
design method, compared with the system-level checks in the DDM.
2.5 System reliability calibration for DDM
The development of s suitable for the DDM requires a comprehensive examina-
tion of the technical basis of the DDM, as well as the development of supporting
database and reliability analysis tools. In the past decade, several research eorts
have investigated the steel frames's system reliabilities and determined the resis-
tance factors for the system-based design by the advanced analysis. Buonopane
and Shafer (2006) evaluated the reliabilities of a set of sixteen planar low-rise steel
frames subjected to gravity loads. The frames were designed respectively using
the LRFD and the advanced analysis. It was found that the system resistance
factor ranges from 0.86 to 0.91, assuming a target reliability index of 3.0 against
system collapse. The study only considered the uncertainties in the yield stress
and the structural loads. Other random eects, such as the uncertainties in the
cross-sectional properties, elastic modulus, initial geometric imperfections, were
ignored. The study also used a coecient of variation (COV) of 0.10 for live load,
which underestimated the variability of live load as various studies have shown
that live load has a COV of about 0.25 (Ellingwood et al., 1982). Accordingly,
the system resistance factors derived in Buonopane and Shafer (2006) may be
somewhat higher than warranted.
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During the last ve years, probabilistic models for important random parame-
ters in the DDM have gradually been developed to support the system reliability
calibration, including the initial geometric imperfections for I-sections (Shayan
et al., 2014a; Liu et al., 2016) and cold-formed sections (Sena Cardoso, 2016), the
residual stress for I-sections (Shayan et al., 2014b) and cold-formed hollow sections
(Liu et al., 2017). Several case studies on the system reliabilities of simple steel
structures have been reported. In Zhang et al. (2014), the system reliabilities of
two mid-rise planar frames designed by the DDM were examined. The frames were
subjected to combined wind and gravity loads. Three limit states were consid-
ered, i.e., system collapse, wind drift and formation of plastic hinges under service
loads. Zhang et al. (2016a) presented a systematic framework for analyzing the
system reliability of steel frames and determining the system resistance factors for
the DDM. A simplied system reliability analysis method was proposed in which
the probabilistic model of system resistance is estimated using simulations. The
system resistance factors were calculated for a series of unbraced and moment
resisting frames for various target reliability levels. Dierent failure modes and
loading conditions (e.g., live-to-dead load ratios, wind-to-gravity load ratios) were
considered. Uncertain variables considered in the reliability assessments included
modulus of elasticity, cross-sectional properties, yield stress, initial geometric im-
perfections, residual stress and structural loads. Those studies demonstrated that
the system resistance factor should be 0.80-0.85 to fulll a target system reliability
index approximately 3.0-3.25 (Zhang et al., 2016b).
None of these aforementioned studies considered the semi-rigid connection be-
havior, nor the eect of randomness of connection properties on the frame relia-
bility. Reliability studies on steel frames with partially restraint connections are
scarce. Sakurai et al. (2001) examined the eects on structural reliability of the
variabilities in the moment-rotation characteristics of partially restraint connec-
tions. The initial connection stiness was considered as a random variable whose
COV was assumed as 0.05, 0.10 or 0.20. The probabilistic responses (wind drift)
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of six steel frames with semi-rigid connections were evaluated through stochastic
nite element analysis. More recently, Thai et al. (2016) examined the system reli-
abilities of two low-rise planar semi-rigid frames. The study considered the natural
variabilities in structural loads, material strength, member geometric properties,
and the rigidities of partially restraint connections. The probabilistic models of
moment-rotation characteristics were estimated based on limited test data. Reli-
abilities for both system collapse and wind-drift serviceability were evaluated.
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CHAPTER 3
STRUCTURAL RELIABILITY ANALYSIS
3.1 Fundamental problem of structural reliabil-
ity assessment
There are numerous sources of uncertainties in structural resistance and demands.
For a steel structure, the uncertainty in its resistance arises from the variabilities
associated with material properties, cross-sectional properties, connection prop-
erties, and the modelling uncertainty of structural analysis and design equations.
These uncertainties, along with the randomness of structural loads, aect the
safety of a structure. Consequently, in the modern probability-based limit state
design methods, structures must be designed to be functionally operational dur-
ing its service lifetime with an \acceptably" low failure probability. Structural
reliability analysis provides a tool to quantitatively deal with the uncertainties
of structural performance and to assess the structural safety (i.e., probability of
survival). Uncertainties associated with the unpredictability of structural mate-
rial/geometry dimensions, external loads, insucient knowledge and modelling
uncertainties of analysis and design methods are measured by random variables
in the theory of structural reliability. The probability of failure, denoted by Pf , is
calculated according to the following multivariate integration:
Pf =
Z
: : :
Z
G(x)0
fx(x)dx =
Z
: : :
Z
Rn
I[G(x)  0]  fx(x)dx (3.1)
where X = (X1; : : : ; Xn) is an n-dimensional random vector which accounts for
the uncertainty such as structural strength/stiness and the applied loads; fx(x)
is the connection probability density function (PDF) of X, and G(X) is the limit
state function, with which the failure is deemed to occur if G(X)  0; I[ ] is an
indicator function, which returns a value of 1 if [ ] is \true" and 0 if [ ] is \false".
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In its simplest form, a reliability analysis problem involves two random vari-
ables, i.e., the resistance R and the load eect Q, which simultaneously dene a
linear limit state function of G = R   Q. With this, the failure probability Pf is
given by
Pf = P (R Q  0) = P (G(R;Q)  0) =
Z
FR(x)fQ(x)dx (3.2)
where P () is the probability of the event in the bracket, FR() is the cumulative
distribution function (CDF) of R, and fQ() is the PDF of the load eect Q. Both
R and Q and the safety margin R   Q are random variables; their PDFs are
schematically shown in Fig. 3.1.
Figure 3.1: Basic structural reliability problem: G = R Q.
For the case where R and Q are two independent random variables, the two-
dimensional space for the reliability problem is illustrated in Fig. 3.2. The whole
space is divided into two domains { survival and failure { and the boundary is
depicted by the limit state function of G = 0.
Another measure of structural reliability, in a quantitative manner, is the reli-
ability index, denoted by , which was originally developed by Hasofer and Lind
(1974). To further explain the concept of the reliability index , the resistance
and load, R and Q, are rst converted to reduced forms according to
R = R + ZRR (3.3)
Q = Q + ZQQ (3.4)
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Figure 3.2: Two dimensional space for the reliability problem G = R Q.
where  and  denote the mean value and standard deviation, respectively. The
variables ZR and ZQ are called reduced variables. The limit state function is then
rewritten in terms of the variables ZR and ZQ, i.e., G(ZR; ZQ) = 0. With this, the
reliability index  represents the shortest distance from the origin to G(ZR; ZQ) =
0 in the reduced variable space, as presented in Fig. 3.3. Mathematically, the
reliability index is calculated according to,
 =
R   Qq
2R + 
2
Q
: (3.5)
Thus, the relationship between  and Pf is given by
Pf = ( ) (3.6)
in which () is the CDF of a standard normal.
3.2 Reliability analysis methods
Solving Eq. (3.1) analytically is often very dicult in practical applications. This
has motivated the establishment of many numerical techniques as well as some
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Figure 3.3: Reliability index explained from a view of geometry.
approximate analytical methods. The numerical techniques include simulation-
based methods including the direct Monte-Carlo (MC) simulation. The approxi-
mation methods include the First-Order Reliability Method (FORM), First-order
Second Moment Reliability Method (FOSM), and others. In general, for rela-
tively simple problems where a small number of random variables are involved,
the approximation methods such as FORM and FOSM yield an ecient and su-
ciently accurate estimate of structural reliability. For more sophisticated problems,
simulation-based methods are often used (Papadrakakis and Papadopoulos, 1995).
This section briey reviews the most commonly used reliability analysis methods.
3.2.1 Monte Carlo method
As a powerful tool for reliability assessment, the Monte Carlo (MC) method has
been widely used in the literature, especially for cases where the approximation
methods such as FOSM and FORM are untenable due to the complexity of the
limit state function. Monte Carlo simulation method can be used to numerically
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solve the integral in Eq. (3.1). The basis of the simulation-based method is to
generate realizations for random variables, which are then substituted into the
limit state function to estimate the probability of failure. The crude or direct
Monte Carlo simulation is the simplest version of Monte Carlo technique, in which
Eq. (3.1) is evaluated as:
Pf  1
N
NX
j=1
I[G(x^j)  0] (3.7)
where N is the number of simulation replications, and x^j is the jth sample for the
random vector.
The direct Monte Carlo method is relatively easy to perform due to the fact
that it needs only a few requirements/skills to make the method applicable. An-
other advantage of the direct MC is its scalability, i.e., its accuracy generally does
not deteriorate with the increasing number of the variables that are involved in
the problem. However, for the cases where the failure probability is very small (for
civil engineering structures, Pf is typically at the order of 10
 3 or even smaller),
the direct MC method yield a poor calculation eciency because a large number
of simulations is needed so as to estimate the failure probability with a sucient
accuracy. The rate of the direct MC at which the simulation error degrades with
the number of simulation runs, also known as the convergence rate, is in proportion
to 1
N
, with N being the number of replications (Melchers, 1999).
3.2.2 First-Order Reliability Method (FORM)
To improve the computational eciency, the rst-order reliability method has been
widely used. In particular, it was used in the establishment of the rst generation
of reliability-based load combination schemes in the North America (Ellingwood
et al., 1982). The rst-order second-moment reliability method (FOSM) is the
basic version of FORM, which is derived on the basis of the rst-order Taylor
expansion of the limit state function making use of the mean value and standard
deviation of the random variables. As such, the FOSM is also known as the
\mean value rst-order second moment method". The Taylor series of the limit
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state function, in its rst-order form, is written as follows,
g(X1; X2; :::; Xn) = a0 +
nX
i=1
aiXi (3.8)
where theXi's are uncorrelated random variables, the coecients ai (i = 1; 2; : : : ; n)
are constants. Recall the geometry-based explanation of the reliability index, if
the limit state function as in Eq. (3.8) is rewritten as a function of the reduced
variables, by nding the shortest distance from the origin to the linear limit state
function in the n-dimensional reduced space, the reliability index can be calculated
as follows,
 =
a0 +
Pn
i=1 aiXipPn
i=1(aiXi)
2
(3.9)
It can be seen that this method only makes use of the rst two moments (mean
and standard deviation) of the variables, while other probabilistic information
(e.g., higher-order moments, and the probability distribution type) is not included.
Furthermore, it is noticed that if each Xi in Eq. (3.9) is uncorrelated normal
variables, then the FOSM computes exactly the reliability index. For other cases,
Eq. (3.9) only yields an approximate estimate of .
Hasofer and Lind (1974) developed an improved FOSMmethod, namely Hasofer-
Lind reliability index, by expanding the limit state function at the \design point"
rather than the mean values. The design point is on the failure surface satisfying
G() = 0. As before, the new method does not rely on the probabilistic distribu-
tion type of the variables, and yields the rst-order second-moment mean value
method in the presence of a linear limit state function. However, for a nonlinear
limit state function, one needs to iteratively nd the reliability index since the
design point is an a priori.
The determination of the reliability index  using the rst order method can
be further improved by taking into account the probability distributions of the
variables (Rackwitz and Fiessler, 1978), referred to as the First Order Reliabil-
ity Method (FORM). The basic idea of FORM is to convert the variables into
\equivalent normal" variables and then use the converted variables in the itera-
tive analysis. The details of FORM can be found in many standard textbooks,
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e.g., Ang and Tang (1984); Melchers (1999); Nowak and Collins (2000).
3.2.3 Latin Hypercube Sampling technique
To improve the eciency of the direct MC simulation, variance-reduction tech-
niques have been developed for the simulation-based methods. The commonly
used techniques include the importance sampling method, quasi-Monte Carlo
simulation using low-discrepancy sequences, Latin Hypercube Sampling (LHS),
etc. (Melchers, 1999).
The Latin Hypercube Sampling (LHS) method is a widely used technique to
reduce the required number of simulations to yield a reliable result. The general
theory is to enable that the simulation procedure can reach all the possible values of
the random variables. The LHS is particularly ecient in estimating the statistic
characteristic (moments, distribution type) of a random function.
Consider a function q() involving k random variables:
q(Xi) = f(X1; X2;    ; Xk); (3.10)
to estimate the statistic characteristics of q(), the random variables (X1; X2;    ; Xk)
are sampled according to the LHS as follows (Nowak and Collins, 2000):
(1) Divide the domain for each variable, xi, into N sections, with which the prob-
ability that a sample value of Xi lies in each section is
1
N
.
(2) For random variable xi, choose a representative value randomly from its N
sections. In engineering practice, if a small interval is used to divide the
domain, in each interval it is reasonable to select the sample value as the
centre point rather than a random point.
(3) With Steps 1 and 2, each variable is assigned with N representative values,
leading to a total number of Nk possible variable combinations. The target
of LHS is selecting only N combinations in which each representative value of
each variable appears and appears only once.
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(4) For each of the k random variables, rst choose one of the representative values
randomly to achieve the rst combination, then choose one of the remaining
N  1 representative values randomly to obtain the second combination. This
step is continued until all the expected N combinations are obtained.
(5) With the N combinations of the random variables as generated above, cal-
culate Eq. (3.10), which will yield N values of the function q(Xi). Based on
the N samples of q(), its statistics (moments and distribution type) can be
estimated.
As will be presented in Chapter 7, the LHS procedure is used in this study to
eciently estimate the statistics associated with the structural resistance of steel
frames.
A simple example is given here to compare the eciency of the LHS and the
direct MC. Considered a normal random variable having a mean value of 1 and
a standard deviation of 0.1. 100 samples for the random variable are generated
respectively using the direct MC and LHS. The relationship between the sample
mean of the generated realizations and the number of simulation is presented for
the direct MC and LHS in Fig. 3.4. It shows that the LHS has a faster convergence
compared with the direct MC; with the LHS, about 20 samples are sucient to
achieve a stable result, while for direct MC, about 100 samples would be desired.
In summary, the reliability assessment methods reviewed in this section will
be used in the subsequent analyses (Chapters 6 and 7) to assess the steel frame
reliability. Both the simulation-based methods and the FORM will be adopted.
3.3 Basic random variables in steel structures
There are many sources of uncertainty in steel structures, such as the variability of
material/stiness properties, fabrication tolerances, and geometric imperfections.
Uncertainties in the strength prediction of a structural frame will also arise from
the imperfect nite element modelling of the frame. While it is unfortunately
impossible to fully avoid these uncertainties, the structural failure risk due to these
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Figure 3.4: Comparison of direct Monte Carlo and LHS: (a) sample mean and (b)
sample standard deviation of a normal with a mean of 1 and a standard deviation
of 0.1.
uncertainties must be managed in the enforced codes and standards for structural
design. One of the essential steps in establishing reliability-based structural design
criterion is to model the uncertainties using probabilistic methods.
This section summarises the probabilistic models of the prevailing uncertainties
in steel structures, including steel yield stress, ultimate tensile strength, modulus
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of elasticity, initial strain-hardening modulus, cross-sectional area, frame out-of-
plumbness angel, residual stress, and modelling uncertainty of the advanced non-
linear nite element analysis. These uncertain parameters (except for the mod-
elling uncertainty of the DDM) have been studied previously and their stochastic
models are obtained from the literatures. The stochastic models of these uncertain
variables are presented in Table 3.1, and will be further discussed in this Section.
The uncertainties in steel connection properties are examined in details in
Chapter 4.
Table 3.1: Random properties of steel structures.
Variable Mean COV Distribution Reference
D 1.05Dn 0.1 Normal Ellingwood et al. (1982)
L Ln 0.25 Type 1 largest Ellingwood et al. (1982)
Fy 1.10Fyn 0.06 lognormal Bartlett et al. (2003)
Fu 1.10Fun 0.11 lognormal Ellingwood et al. (1982)
E En 0.04 lognormal Bartlett et al. (2003)
Esh 0.0207En 0.25 lognormal Galambos and Ravindra (1978)
A An 0.05 Normal Ellingwood et al. (1982)
I In 0.05 Normal Ellingwood et al. (1982)
	 1/770 0.875 lognormal Shayan et al. (2014a)
3.3.1 Steel mechanical properties
The principal steel mechanical property aecting the strength of a steel structure
is the yield stress Fy. The uncertainty in yield stress can be obtained from mill
test data. It should be noted that since mill tests are performed at loading rates
that are higher than the rate of gravity loadings or typical wind loadings in struc-
tures, the concept of the \static yield stress" would have to be used in reliability
assessment. The mill test results have to be adjusted to account for the strain-rate
eect. Rao et al. (1964) suggested the following formula to dene the dierence
between the mill test Fy;mill and the static Fy;static:
Fy;mill   Fy;static = 3:2 + 0:001 _ (3.11)
in which Fy is in ksi, and _ is the strain rate, in micro-inches per inch per second.
It has been shown that this formula is relatively insensitive to grade of steel and
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to strain rate. Assuming a typical strain rate _ = 800 in./in. sec, the dierence
becomes 4 ksi (28 MPa). In this study, unless noted otherwise, the yield stress
represents \static" yield stress.
In Galambos and Ravindra (1978), it was found that the mean of yield stress
is between 1.05 to 1.10Fyn, in which Fyn denotes the minimum specied (nominal
value) yield stress for the grade of steel. The typical range of the COV of Fy,
denoted by VFy , is between 0.05 to 0.13. A lognormal distribution can t Fy. This
result was used in the development of the rst-generation LRFD. These statics of
Fy were obtained based on the tests conducted in the 1970's.
More recent probabilistic researches on steel mechanical properties were con-
ducted by Bartlett et al. (2003) for the modern grades of steel. It was found
that the COV in Fy is about 0.06 and the mean-to-nominal value is about 1.05.
These two updated statics reect the better controlled manufacturing processes
for modern grades of steel, as compared to 1970's. However, Bartlett et al. (2003)
also showed that these dierences in the statics of Fy do not aect signicantly
the reliability calibration results for typical steel structural members.
In a study performed by the University of Sydney Zhu et al. (2019b), a total
of 4332 mill test data on plate mill grade (AS/NZS 3678-350) and hot strip mill
grade were examined. The data represent dierent plate/coil thickness, and a time
span of at least one year. It was found that the mean mill yield stress is 1.17Fyn
with a COV of 0.05. After the adjustment to static Fy, the yield stress has a mean
of 1.09Fyn.
In this thesis, it is assumed that yield stress is described by a lognormal random
variable, with a mean value of 1.10Fyn and a COV of 0.06. Compared to yield
stress, the elastic modulus (E) of structural steel has a smaller uncertainty. It
typically has a mean-to-nominal ratio of 1.0 with a COV of 0.04 (Bartlett et al.,
2003). A lognormal distribution is assumed for elastic modulus.
If strain hardening is to be considered, the material model given in Fig. 2.4 can
be used (Chang and Mander, 1994). The strain corresponding to strain hardening
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initiation is "sh = 12"y = 12Fy=E, and the strain corresponding to the ultimate
tensile strength is considered deterministic, i.e., "u = 0:2. The ultimate tensile
strength (Fu) has a mean-to-nominal value of 1.10 and a COV of 0.11 (Ellingwood
et al., 1982), modelled by a lognormal. According to Galambos and Ravindra
(1978), the initial strain-hardening modulus (Esh) has a mean of 0:0207En with a
COV of 0.25, modelled by a lognormal.
3.3.2 Cross-section properties
For I-section members, it was found that most of the variation in section properties
is associated with the ange thickness variation (Melchers, 1999). Ellingwood
et al. (1982) have suggested that section properties have a mean-to-nominal value
of 1.0 and a COV of 0.05. These values are assumed to correspond to good
control of tolerances. Melcher et al. (2004) examined the variability of cross-
section properties of steel I-section members using the measured data of 369 I-
sections. Detailed statistics of ange width/thickness, web depth/thickness, and
their coecients of correlation were reported. Based on the results in Melcher
et al. (2004), it was found that both the moment of inertia and the cross-sectional
area have a mean-to-nominal value of 1.0 and a COV of 0.05 (Zhang et al., 2016a).
This result is consistent with Ellingwood et al. (1982), and used in this thesis.
3.3.3 Residual stress
For hot-rolled steel members, the rolling process is followed by cooling of material
with uneven cooling rate, resulting in self-equilibrating residual stresses. Fig. 3.5
shows two residual stress patterns commonly used in nonlinear structural analysis,
where h is the depth of I section, b is cross-section ange thickness, and w is
the cross-section web thickness. The rst pattern is referred to as the ECCS
(European Council for Constructional Steelworks) model (ECCS, 1976), and the
second pattern is suggested by Galambos and Ketter (1959), which is typically
used for the wide ange sections in the North America.
The magnitude of residual stress depends on the yield stress Fy, which is
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Figure 3.5: Residual stress pattern, (a) ECCS model, (b) Galambos and Ketter
(1959) model.
random by nature. In addition to the uncertainty arising from random Fy, the
residual stress pattern is also uncertain. In Shayan et al. (2014b), a random
factor (X) is introduced to scale the two residual stress patterns. The factor X
is a random variable so that it can reect the randomness of the residual stress.
For the ECCS model and the Galambos and Ketter (1959) model, the statistics
of the scale factor X was estimated on the basis of the actual residual stress
measurements of non-American and American sections. Results showed that for
both patterns, the mean and the COV of X are 1.05 and 0.20, respectively. A
normal distribution can reasonably t X. A mean value close to unity conrms
that the residual stress patterns presented in Fig. 3.5 coincide with the average
residual stress pattern. The relative large COV of 0.20 suggests that there is
signicant variability in the residual stress pattern.
3.3.4 Frame initial geometric imperfection
Frame out-of-plumbness data has been reported in the literatures, e.g., ECCS
(1976); Beaulieu and Adams (1978); Lindner and Gietzelt (1984); Shayan et al.
(2014a), examined the statistics of out-of-plumbness on the basis of a total of 1760
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data compiled from the literatures. It was found that if the direction of column
out-of-plumbness is involved in the data, the mean of out-of-plumbness angle is
very close to zero, while the standard deviation is 1:73  10 4. A mean value
close to zero results from the fact that dierent columns in a frame may lean in
opposite directions. If only considering the absolute value of out-of-plumbness, it
appears to be distributed lognormally, and the mean and the standard deviation
are 1/700 and 1/880, respectively. Note that a maximum frame out-of-plumbness
angle of 1/500 is typically specied in the standards, e.g., in AISC 303-16 (2016)
and AS4100 (1998).
Figure 3.6: Frame initial geometric imperfection: out-of-plumbness.
This thesis made a conservatively assumption for the pattern of frame initial
geometric imperfection, i.e., the columns are all leaning towards identical direc-
tion, as shown in Fig. 3.6. Meanwhile, following the previously introduced research
results, a lognormal distribution with the mean and the standard deviation respec-
tively being 1/770 and 1/880 is adopted to model the out-of-plumbness angle of
the frame, 	.
3.4 Probabilistic models of structural loads
Essentially, the load eects on structures are variable, and the uncertainties in
the load eects come from three aspects: rstly, load is fundamentally variable;
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secondly, in order to incorporate the realistic load in structural design, it is ideal-
ized and simplied as a statically equivalent uniformly distributed load (EUDL),
during which further uncertainty exists; lastly, there is randomness arising from
converting the EUDL to a load eect on the structure through structural analysis
(Ellingwood et al., 1982). In this section, the probabilistic models of structural
loads are presented, in which the above three sources of uncertainties are all in-
cluded.
The mean values of structural loads are customarily expressed non-dimensionally
as ratios of their nominal (design) values as appearing in the load standards. Un-
less noted otherwise, the structural load criteria stipulated in the American loading
standard ASCE7 (ASCE7, 2016) is used in this thesis.
Table 3.2 summarises the probabilistic load models used in this thesis. Detailed
discussions are given subsequently.
Table 3.2: Probabilistic load models for ASCE7-16.
Variable mean COV Distribution Reference
D 1.05Dn 0.1 Normal Ellingwood et al. (1982)
Lapt 0:24Ln 0.6 Gamma Ellingwood et al. (1982)
Lmax Ln 0.25 Type 1 largest Ellingwood et al. (1982)
Wmax 0.56Wn 0.37 Type 1 largest Ellingwood and Tekie (1999)
3.4.1 Gravity loads
The dead load is mainly caused by the self-weight of elements comprising the
structure, and remains relatively constant during the lifetime of the structure.
Since the dead load can usually be estimated with high accuracy, its mean-to-
nominal value is close to 1.0 with a COV in the range of 0.06-0.15 (Ellingwood
et al., 1982). In this thesis, the probability model of the dead load advised by
Ellingwood et al. (1982) is adopted, i.e., normal distribution, mean-to-nominal
value equals to 1.05, COV equals to 0.10.
Floor live load in a building has two components, the sustained live load due
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to a particular occupancy, and the extraordinary component due to extraordinary
activities such as temporary overcrowding. The former is referred to as \arbitrary-
point-in-time" live load, denoted by Lapt, and the latter is denoted by Le. The
stochastic characteristics of Lapt has been studied in load surveys, e.g., Chalk and
Corotis (1981). On the other hand, the extraordinary live load Le is usually not
captured in load survey, and its statistics often has to be assumed. According to
Ellingwood et al. (1982), this thesis assumes that Lapt follows a Gamma distribu-
tion, having a mean of 0.24Ln and a standard deviation of 0.114Ln, in which Ln
represents the basic design live load in ASCE7 (ASCE7, 2016).
In structural reliability analysis, it is important to know the maximum live
load (Lmax) that will be experienced during the service life, for typical buildings is
50 years. To obtain the probabilistic model of Lmax, Ellingwood et al. (1982) have
used a random process model which combines Lapt and Le, and relevant research
showed that the best modelling of Lmax can be achieved through an Extreme Type
I distribution. In this thesis, the above model is adopted, and mean is equal to
Ln and the standard deviation is 0:25Ln.
3.4.2 Wind loads
The wind load W on a structure can be written in a general form as:
W = c  Cp  E G D  V 2 (3.12)
in which c is a constant, V = wind speed, Cp = pressure coecient, E = exposure
factor, G = gust factor, and D = directionality factor. The wind load in structural
design implicitly refers to the maximum wind load (denoted by Wmax), which is
associated with the maximum wind speed Vmax to occur in the lifetime (typically
50 years) of the building. The randomness in wind speed has the most important
contribution to the uncertainty in wind load, sinceW is proportional to the square
of V . Other parameters in Eq. (3.12), however, are also uncertain by their nature.
It is very dicult to obtain reliable stochastic models of these random parameters
due to limited supporting data (Pham et al., 1983; Holmes, 1985; Ellingwood and
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Tekie, 1999; Henderson and Ginger, 2007; McAllister et al., 2018).
Table 3.3: Statistics for wind load parameters (Ellingwood and Tekie, 1999).
Parameter mean
nominal
COV
Cp 0.91 0.15
E 0.97 0.15
G 0.96 0.12
D 1.0 0.12
Vmax=V50 1.0 0.12
Wmax=W50 0.90 0.37
Ellingwood and Tekie (1999) have examined the statistics of the wind load in
the American loading standard ASCE7-95. The statistics of the wind pressure
parameters in ASCE7-95 are summarised in Table 3.3. According to Ellingwood
and Tekie (1999), the mean of Wmax, denoted by Wmax, is approximately 0:9W50
with a COV of 0.37, in whichW50 represents the nominal wind load corresponding
to a 50-year return period wind speed. Wmax can be best tted by an Extreme
Type I distribution.
In Ellingwood and Tekie (1999), the mean of Wmax was written as 0.9W50. In
ASCE7-95 (and its earlier versions), the design (nominal) wind load was dened
using the wind speed with a 50-year-return period. However, current American
loading standards (ASCE7-16) denes the nominal wind speeds using a much
longer return period (i.e., 500-700 years) as opposed to the traditional 50-year
return period. Let WT denote the wind load with a return period of T -year. WT
and W50 are related approximately by (McAllister et al., 2018):
WT = W50(0:36 + 0:1ln(12T ))
2: (3.13)
The nominal wind loadWn in ASCE7 (2016) is based on a return period of 700
years (for Risk Category II structures). According to 3.13, W700=1.6W50. Taking
W700 as the nominal wind load Wn, Wmax is rewritten as
Wmax = 0:9W50 = 0:9W700=1:6 = 0:56Wn:
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The COV of Wmax remains unchanged (0.37).
With respect to the wind directionality factor, when Ellingwood and Tekie
(1999) carried out their research the available surveying data were scarce, and thus
they gave a conservative suggestion on this factor by means of simple geometric
analysis instead of surveys or tests. Recently, McAllister et al. (2018) conducted
experiments to demonstrates that this value suggested by Ellingwood and Tekie
(1999), 0.85, is on the conservative side, and the more accurate value for non-
hurricane regions should be approximately 0.72 (which is 0.835 of its nominal
value). According to Eq. 3.12, smaller directional factor directly leads to smaller
wind load. For the maximum wind load, its mean value shall be reduced to 0.47Wn
from 0.56Wn. Nevertheless, in this thesis the probabilistic model developed by
Ellingwood and Tekie (1999) is still adopted because it has been adopted in the
last two decades for developing limit state design criteria, while the accuracy of
the model by McAllister et al. (2018) still needs to be justied by more research
and supporting data.
3.5 Load combinations for reliability analysis
This thesis considers gravity loads and wind loads for the DDM. Earthquake load,
snow load or rain load are not considered. Note that currently the DDM is not
permitted for earthquake engineering, as inelastic force redistribution has been
assumed in dening the equivalent static earthquake loads (AISC 360-16, 2016).
3.5.1 Gravity load only combination
For the structures exposed to gravity loads only (that is, dead and live loads),
reliability analysis considers the combined action of
D + Lmax (3.14)
in which D is the dead load, and Lmax is the lifetime maximum live load. The
corresponding load combination in ASCE7 (2016) is
1:2Dn + 1:6Ln (3.15)
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where Dn and Ln respectively represent the nominal dead and live loads, with the
subscript \n" to emphasize they are nominal values.
3.5.2 Combined wind and gravity load combination
For the load combinations involving more than two types of variable loads, e.g.,
combined live load and wind load, a \principal action - companion action" load
combination scheme is adopted in probability-based structural design (Ellingwood
et al., 1982). The combination scheme is based on the Turkstra's rule, i.e., the
maximum combined structural action during a period of service time occurs when
one of the variable loads is at its maximum value (referred to as principal ac-
tion), and the other variable loads (companion action) are associated with their
\arbitrary-point-in-time" values. When evaluating the reliability of a structure
subject to dead, live and wind loads, one needs to consider the more critical of
the two following:
D +Wmax + Lapt (3.16)
and
D + Lmax +Wapt: (3.17)
In Eq. (3.16)Wmax is the principal action and Lapt is the companion variable load.
In Eq. (3.17) Lmax is the principal action, while Wapt is the companion variable
load. The load combination No. 4 of ASCE7 (2016) corresponds to Eq. (3.16),
1:2Dn + 1:0Wn + Ln: (3.18)
Note that Eq. (3.18) stipulates a factor of 1.0 for the live load, which in case of
a live load less than or equal to 4.78 kPa (except for areas of public assembly) is
permitted to equal 0.5.
Another load combination involving both wind and gravity loads is the load
combination No. 5 in ASCE7-16. It represents counteracting gravity and wind
loads,
0:9Dn + 1:0Wn: (3.19)
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This combination is not included in this thesis as it is of particular interest for
roong systems and anti-overturning design of structures, but is typically less
critical for designing a main-wind-force-resisting system compared to Eq. (3.18).
In the case where the live load is the principal action and wind load is the
companion action (Eq. 3.17), the design load combination is given by
1:2Dn + 1:6Ln +  Wn;
in which the wind load factor  is less than 0.1 (Ellingwood et al., 1982), thus
traditionally has been ignored in ASCE7 loading standard. The criterion is then
reduced to 1.2Dn+1.6Ln, namely a combination of only gravity loads.
3.6 Modelling uncertainty of advanced analysis
The structural performance of a steel frame is inuenced by the randomness as-
sociated with the structural material/stiness properties and loads, as has been
introduced in Sections 3.3 and 3.4. These uncertainties arise due to their inherent
randomness. Uncertainty in structural responses will also arise from the imperfect
computational modelling of the structure.
Although advanced analysis is most capable of capturing the true behaviour
of practical steel structures, modelling uncertainty arises unavoidably, from ide-
alized connection model, discretization error of FE model, simplied boundary
conditions, etc. The eect of modelling uncertainty of advanced analysis on struc-
tural reliability can be accounted for by including a random modelling uncertainty
factor in reliability evaluation. Ideally, the modelling uncertainty can be deter-
mined by comparing full-scale frame tests with the FE results. Unfortunately,
full-scale steel frame tests are scarce. Only a limited number of studies examined
the modelling uncertainties of advanced analysis using full-scale frame load test
data, e.g., steel rack structures (Sena Cardoso, 2016), portal frames (Zhang et al.,
2016c), and steel scaolding structures (Zhang et al., 2010). The results found
from these studies are not dissimilar; the COV of the modelling uncertainty of
advanced analysis is in the range of 0.05 to 0.10.
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It is argued that the model uncertainty associated with the DDM is included,
partially, in the statistics of the external load eects (Liu et al., 2016). As intro-
duced in Section 3.4, the statistics of structural loads reported in the literatures
are indeed for the load eect, where three sources of uncertainty are included,
i.e., the uncertainties 1) of the load, 2) from the load model, and 3) associated
with the structural analysis (refer to Section 3.4). Seeing the DDM adopts loads
determined from the load model as opposed to load eects, it may be argued that
the model uncertainty of the DDM is partially incorporated by the third source of
uncertainty. Considering this, this study assumes that the modelling uncertainty
of current plastic-zone type nonlinear nite element frame analysis is unbiased
with a relatively small COV of 0.05. A normal distribution is assumed. This
assumption implies that the ultimate strength of a typical planar steel frame can
be predicted with 95% condence, within 10% of its actual strength.
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CHAPTER 4
SYSTEM RELIABILITIES OF STEEL
FRAMES WITH RIGID CONNECTIONS
As introduced in Section 2.5, a number of research studies have considered the sys-
tem reliability implications of steel frames design by the DDM, mostly for planar
steel frames with rigid connections, e.g., Buonopane and Shafer (2006); Buonopane
(2008); Zhang et al. (2014, 2016a,b). All of the steel frames investigated in these
studies belong to one particular category: they all sustained signicant yielding
when the frames were at the state of incipient collapse. For such structures, the
DDM can utilize the frame strength remaining after rst yielding to continuously
withstand further loading. The predicted design strengths of these frames by the
DDM can be 10-30% higher than the ones obtained by the current AISC LRFD
method. System reliability calibrations for the DDM of these types of frames have
been performed relatively thoroughly (Zhang et al., 2014, 2016a,b). However,
there are other categories of steel frames, whose static redundancies are limited
(e.g., a simply supported beam) or, the structures are redundant but are elastically
unstable. These structures exhibit no or very little inelastic load redistribution
at the system ultimate limit states. Consequently, the system strengths predicted
by LRFD and by the DDM are identical or comparable. System reliabilities and
resistance factors for this category of structures may show dierent characteris-
tics than the structures examined in previous studies (Buonopane and Shafer,
2006; Buonopane, 2008; Zhang et al., 2014, 2016a,b). It is worthwhile to further
investigate the system reliabilities of these structures of interest.
The purpose of this chapter is not a complete study of system reliabilities
of \ordinary" frame systems. Instead, some simple steel structures are chosen,
including a beam-column frame, a three-span continuous beam, two portal frames
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with similar layout but dierent failure modes, three related two-story frames with
dierent load redistribution capacities, and a more complex case of a three-bay
three-story frame. The member-based design approach, i.e., AISC LRFD and the
system-based DDM are used to calculate the system design strengths for each case
structure. Then the system reliabilities of the two design methods are compared.
This comparison sheds additional light on the system reliability implications of
the two methods.
Some of the structures considered in this chapter were designed deliberately
to achieve some special characteristics, e.g., a frame in which every member is
designed at or close to its LRFD limit states, and a structure whose strength is
governed by a single critical member. While some of the structures examined in
this chapter may not appear to be common designs in engineering practice, they
do represent certain categories of structures, whose design are also permitted by
the DDM.
4.1 Example frames
Eight planar structures under gravity loads are considered. Fig. 4.1 shows Case
1, an inverted \L" frame. The nominal yield stress (Fyn) and nominal ultimate
tensile strength (Fun) are 248 and 400MPa, respectively, with a nominal Youngs
modulus (En) of 200 GPa.
Case 2 is a continuous beam subjected to a vertical concentrated load in the
middle span, shown in Fig. 4.2. The nominal yield stress of the steel is 345 MPa
with a Young's modulus of 200 GPa. The ultimate tensile strength is 450 MPa.
Cases 3 and 4 are two similar portal frames, except that the columns are under
major-axis bending in Case 3, while minor-axis bending in Case 4, as shown in
Fig. 4.3 (a) and (b). For both frames, an out-of-plumbness of 1=500 is introduced
as recommended by the Code of Standard Practice (AISC 303-16, 2016). The
nominal yield stress (Fyn) and nominal ultimate tensile strength (Fun) are 345
and 450 MPa, respectively. The nominal modulus of elasticity En is 200 GPa.
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Figure 4.1: Case 1: beam-column frame.
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Figure 4.2: Case 2: three-span continuous beam.
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Figure 4.3: (a) Case 3: three-span continuous beam (major-axis), (b) Case 4:
three-span continuous beam (minor-axis).
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Fig. 4.4 shows Case 5, 6 and 7. They are two-bay, two-story non-symmetric
frames adopted from Ziemian et al. (1992a). The three frames have the same
layout. However, the member sizes and loads are dierent for the three frames,
as presented in Table 4.1. The nominal yield stress and nominal ultimate tensile
strength for the three frames are 248 and 400MPa, respectively. The modulus of
elasticity is 200 GPa.
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Figure 4.4: Case 5, 6, and 7: two-bay two-story frame.
Table 4.1: Member sizes and loads for Case 5, 6 and 7.
Member Case 5 Case 6 Case7
C1 W12  19 W6  20 W6  20
C2 W14  159 W14  109 W14  82
C3 W14  145 W14  68 W14  68
C4 W6  9 W6  8.5 W6  8.5
C5 W14  145 W14  145 W14  145
C6 W14  145 W14  145 W14  145
B1 W30  116 W30  124 W30  132
B2 W36  182 W36  182 W36  182
B3 W24  55 W24  55 W24  55
B4 W30  116 W30  116 W30  116
Loads (P0) 146.95 kN/m 145.57 kN/m 111.86 kN/m
Fig. 4.5 shows Case 8, a three-bay, three-story non-symmetric frame. The
member cross-sections are presented in Table 4.2. The reference load P0 is 81.31
kN/m. The nominal yield stress and nominal ultimate tensile strength are 320
and 440 MPa, respectively, with a nominal Young's modulus of 200 GPa.
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Table 4.2: Member sizes of Case 8.
Member cross-section
C1,C4,C5,C8,C9,C12 250UC72.9
C2,C3,C6,C7 200UC59.5
C10,C11 150UC30.0
B1,B3,B4,B6,B7,B9 460UB74.6
B2,B5,B8 360UB56.7
For all the case structures, beams and columns are compact and laterally
braced, and therefore plastic yielding instead of the local buckling controls the
capacity of the cross-section. The beam-column connections are fully rigid so that
the nite rigidity of the connections are ignored, and are further assumed to be
ductile enough to satisfy the inelastic deformation demands of connecting members
while maintaining the design strength. It has been checked that the members of
the all example structures are not governed by shear.
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Figure 4.5: Case 8: a three-bay three-story frame.
4.2 Design strengths by LRFD and DDM
4.2.1 Design approaches
The design strengths of all structures are determined respectively using AISC
LRFD and the DDM. The reliability implications of the two methods are compared
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under the same value of resistance factor. For the DDM, a system resistance factor
s = 0:90 is assumed, to be consistent with the typical (member) resistance factor
in the current AISC LRFD, i.e., b = 0:9 for exural members and c = 0:9 for
compression members (AISC 360-16, 2016).
The advanced analyses in the DDM are carried out using the software OpenSees,
follows the general modeling procedures described in Section 2.2. In the FE models
for the frames, the in-cross-section and along-member initiation and propagation
of plasticity are accounted for by using the displacement-based, ber-type beam
elements. Fig. 4.6 schematically illuminates the discretization of cross-section
bers, as well as the associated residual stress distribution. To model the steel
material, elastic-perfectly plastic constitutive is used. This assumption is a com-
mon engineering practice and appropriate for design purpose of determining the
nominal system strengths. (However, in the reliability analysis the inuence of
strain hardening is considered to achieve a more accurate prediction of the struc-
tural response). Each beam/column is discretized into 16 elements. The positions
of nite element nodes are adjusted to realize the desired out-of-plumbness of the
frame.
Figure 4.6: Fiber discretization and residual stress pattern.
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With the DDM, a nonlinear static push-down analysis is performed. The
reference load, P0 (shown in Figs. 4.1-4.5, Table 4.1 and 4.2) is scaled by a load
ratio  (proportional loading), which is incrementally increased in the analysis
until the ultimate limit state (collapse) of the frame is achieved. Let n denote
the ultimate applied load ratio given by the advanced analysis. According to the
design equation of the DDM (Eq. 2.6), the design strength of the frame is obtained
as
s  n  P0 = 0:9n  P0
by applying the system resistance factor s = 0:9. In the following discussions,
for simplicity of notation, let D = 0:9n.
When AISC LRFD is used to predict the strength of a frame, a second-order
elastic analysis is carried out using OpenSees with an increasing applied load
ratio . The second-order eects are explicitly captured in the frame analysis.
The strength limit state of the frame is reached when any of the members reaches
its LRFD limit state, i.e., the left-side of the beam-column interaction equation
(equation H1.1a and H1-1b in AISC 360-16 (2016)) equals to 1.0. This load ratio
is denoted by e, which represents the design strength of the frame predicted
by LRFD. Note that the member resistance factors are included in checking the
individual beam-column members.
4.2.2 Design strengths of the example structures
The strength of the beam-column frame (Case 1) is obtained as e = 1.0 and D
= 1.03 for LRFD and the DDM, respectively. It is observed that the two methods
give essentially the same design strength. This is to be expected, since the beam-
column frame comprises members with large slenderness and thus has an elastic
stability failure mode. The slender members lead to appreciable geometrically
nonlinear eect (second-order eects) but no material nonlinear eect.
For the three-span continuous beam, the strength is obtained as e = 1.0 and
D = 1.29 by LRFD and the DDM, respectively. Fig. 4.7(a) plots the vertical
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displacement at point C versus the factored applied load ratio (0.9), from the
advanced analysis in the DDM. At the ultimate limit state, there are several loca-
tions in the continuous beam which are \highly yielded", as shown in Fig. 4.7(b).
The structural analysis performed using OpenSees is a plastic zone (rather than
plastic hinge) analysis which models the gradual spread of plasticity through the
cross-section. To avoided the diculty of dening the formation of plastic hinges
in a plastic zone analysis, the term \highly yielded zone" is used, which refers to
a section if the percentage of cross section area yielded reaches 75% or more. For
this three-span continuous beam, the design strength determined by the DDM is
29% larger than that determined by LRFD. This is because the three-span contin-
uous beam has a signicant capacity in redistributing loads after the occurrence
of rst yielding.
A continuous beam can also be designed using the traditional plastic design
method, in which a resistance factor of 0.90 is applied to the plastic moment
capacities of all members. The design strength given by the plastic design method
is reached when a load ratio of 1.29 is applied, which is identical to D given by the
DDM. The traditional plastic design method and the DDM give the same design
strength for this continuous beam. This is to be expected as the traditional plastic
design method is also based on a collapse limit state.
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Figure 4.7: Case 1: (a) load versus displacement at C; (b) section yield ratios of
the highly yielded zones at D.
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In Case 3, the design strength of the simple portal frame is obtained as e = 1.0
and D = 1.12 from the LRFD and the DDM, respectively. The design strength
predicted by the DDM is 12% larger than that predicted by LRFD. Plasticities
have developed in the frame, but the yield ratios (the percentage of cross-sectional
area that has yielded) are less than 75% for all cross-sections. Second-order eects
is very noticeable in this case.
For Case 4, the strength of the simple portal frame is obtained as e = 1.0 and
D = 1.02 from LRFD and the DDM, respectively. The two design strengths are
very close to each other. This is because this frame consists of slender members and
failed from elastic instability. There are signicant second-order (geometrically
nonlinear) eects but no plasticity. It is interesting to note that although Case 3
and Case 4 appear to be similar, their structural behaviors and failure modes are
quite dierent, and thus the discrepancy between LRFD and the DDM is rather
dierent for the two structures.
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Figure 4.8: Case 5: (a) load versus roof displacement; (b) section yield ratios of
the highly yielded zones at D.
In Case 5, the strength of the two-bay two-story frame is obtained as e =
1.0 from LRFD, and D = 1.19 from the DDM. Fig. 4.8(a) shows the curve of
the factored applied load ratio (0:9) against the roof displacement obtained from
the second-order inelastic analysis. Fig. 4.8(b) demonstrates the highly yielded
locations at the system ultimate limit state.
In the two-bay two-story frame of Case 6, cross-sections of the beams and
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columns are deliberately chosen such that all members are at or close to their
LRFD limit states. This can be seen in Fig. 4.9, which gives the LRFD beam-
column interaction equation (equation H1.1a and H1-1b in AISC360-16) calcula-
tions for each member of the frame. It can be seen that all member check results
are close to 1.0, suggesting that they are close to the LRFD limit states. In this
case, the strength of the frame is obtained as e = 1.0 from LRFD and D = 1.03
from the DDM. It is clearly noticed that the discrepancy in the design strengths
between LRFD and the DDM is much smaller compared to Case 5, although the
two case structures have same layouts and loading pattern. Fig. 4.10(a) shows the
curve of the applied load ratio against the roof displacement. The only location
with signicant plasticity developed at the ultimate strength is at the left end of
beam B1, as shown in Fig. 4.10(b). The frame in Case 6 fails as a result of the
elastic instability of the columns on the ground oor, and has very limited load
redistributing ability provided by the single highly yielded cross-section.
The two-bay two-story frame in Case 7 is chosen such that a single critical
member, slender column C2 at the ground oor, controls the strength of the whole
frame. LRFD gives a system strength of e = 1.0, while for the DDM, D = 1.08.
Because the strength of the frame is governed by a single slender member, the
buckling of which leads to collapse of the frame. The load redistribution ability
possessed by the frame is insignicant. Consequently, the dierence of strength
predicted by LRFD and the DDM is insignicant. Fig. 4.11(a) shows the curve of
the factored applied load ratio (0:9 against the roof drift given by the inelastic
analysis. Fig. 4.11(b) shows the yield ratio of column C2 on the verge of frame
collapse, which is only 54.7%. No signicant plasticity is observed in this frame.
The eect of material nonlinearity is less signicant than that in the frames of
Cases 2, 3 or 5.
In Case 8, the strength of the three-bay three-story frame is obtained as e =
1.0 by LRFD and D = 1.26 by the DDM, respectively. Fig. 4.12 shows the results
given by the inelastic analysis, including the load ratio vs vertical displacement (at
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Point C) curve, and the locations with signicant plastic deformation. Comparing
the LRFD and the DDM, the latter gives a strength 26% larger than the former.
This is due to the signicant load redistributing ability of the frame.
4.3 System reliability analysis
The collapse probabilities of the eight structures in Section 4.1 are computed and
compared in this section. As introduced in Section 4.2.2, the nominal load that a
structure is able to withstand is P0  e (LRFD) and P0  D (DDM), in which P0
denotes the reference load. Since the structures are at the design limits for both
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methods, the reliabilities corresponding to the two methods can be meaningfully
compared.
As mentioned earlier, the steel material model is assumed to be elastic-perfectly
plastic (EPP) for the design purpose. This assumption is a common engineering
practice and appropriate for design purpose of determining the design system
strengths. However, the reliability analysis adopts a more realistic steel material
model aiming to provide a more accurate estimate of the structural reliabilities.
The steel material model proposed by Chang and Mander (1994) is adopted in
the reliability analysis (see Fig. 2.4). The material model incorporates the eect
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of strain hardening. Strain hardening starts at a strain of "sh = 12"y = 12Fy=E,
and the steel material reaches its ultimate strength at a strain of "u = 0.2.
A varieties of uncertainties are considered in the reliability assessment, namely,
live load Lmax and dead load D, cross-sectional area (A), moment of inertia (I),
yield stress (Fy), ultimate tensile strength (Fu), Young's modulus (E), initial
strain-hardening modulus (Esh), and frame out-of-plumbness. The random struc-
tural properties and loads are discussed in Sections 3.3 and 3.4, respectively. and
their statistics are presented in Tables 3.1 and 3.2. It is assumed that the strength
and stiness of the beams are perfectly correlated, as are the strength and stiness
of the columns. The strength and stiness between columns and beams are not
correlated. This assumption is reasonable on the standpoint of practical construc-
tion, because beams (or columns) are often from the same patch. Also, columns
are normally continuous at the beam-to-column connection, i.e., a single column
member has a length of multiple stories, in order to make it easy to design the
connections. Beams are designed and selected by other factors, for example the
deections.
The gravity loads as shown in Fig 4.1-4.5 represent the total factored loads
from the load combination 1:2Dn + 1:6Ln, as per ASCE7 (2016). The reliability
of a structure is aected by the ratio of live load to dead load, as live load has
more uncertainty than dead load. In the reliability analyses performed in this
chapter, it is assumed that the nominal live load and the nominal dead load has
a ratio of Ln=Dn = 1:5, which is a common value for steel residential and oce
buildings (Ellingwood, 2000). Note that the structural performance of steel frames
may deteriorate over time due to corrosion. However, time-dependent structural
reliability considering deterioration is out of the scope of the present study.
Attributed to its simplicity and robustness, the direct Monte Carlo simulation
(see Section 3.2.1) is used in this Chapter to evaluate the probabilities of system
collapse of the eight structures. The basic procedures of the method are as follows:
 Step 1: Randomly sample the basic random variables according to their
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probabilistic distributions (see Tables 3.1 and 3.2). Assign the randomly gen-
erated material and geometric properties and structural loads to the frame.
 Step 2: Perform an advanced analysis to check if the structure can sustain
the loads.
 Repeat Steps 1 and 2 N times, and observe the results. If system collapse
occurred in n simulations, then Pf is estimated as Pf  n=N .
Depending on the magnitude of Pf , the number of Monte Carlo simulation varies
between 20,000 and 106 so as to render an accurate estimate of the failure proba-
bility. The computational cost of the direct Monte Carlo method is acceptable for
a common computer in the presence of such a magnitude of failure probability. For
a given value of Pf , the corresponding system reliability index  can be obtained
through Eq. (3.6).
4.3.1 System Reliability Results
Table 4.3 summarises the system probabilities of failure and the corresponding
reliability indices for the eight structures. Bear in mind for steel structures under
the gravity load combination stipulated in ASCE 7 (Ellingwood, 1994a, 2000), the
current LRFD is calibrated on the basis of a target reliability index of roughly
2.6{2.8 for compact rolled beams with a limit state controlled by plastic hinge,
and tension members with a limit state of yielding.
Table 4.3: System reliability indices and probabilities of failure for LRFD and the
DDM.
Structure
LRFD DDM
s Pf s Pf
CASE 1 2.94 1.665 10 5 2.81 2.455 10 3
CASE 2 3.90 4.893 10 5 2.76 2.879 10 3
CASE 3 3.37 3.784 10 4 2.86 2.130 10 3
CASE 4 2.94 1.653 10 3 2.84 2.255 10 3
CASE 5 3.62 1.472 10 4 2.89 1.900 10 3
CASE 6 3.08 1.051 10 3 2.87 2.051 10 3
CASE 7 3.11 9.490 10 4 2.83 2.348 10 3
CASE 8 3.85 5.998 10 5 2.83 2.300 10 3
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For the beam-column frame in Case 1, system reliability indices s are 2.94 and
2.81 by LRFD and the DDM, respectively, The two reliabilities are very similar.
This is because the two design methods produce very similar design strengths for
Case 1. The underlying cause is explained previously, i.e., the frame in Case 1
fails in an elastic instability mode with very limited yielding developed, and thus
has little load redistributing capacity under the applied load scenario.
With the continuous beam in Case 2, LRFD gives a system s of 3.90, and the
traditional plastic design and the DDM gives an identical system s of 2.76, due to
the same design strength given by these two methods. Translating the reliability
index into the probability of failure, LRFD leads to a probability of failure of
4:89  10 5, while the DDM leads to a probability of failure of 2:88  10 3; the
two probabilities of failure dier by nearly two orders of magnitude.
For the portal frame in Case 3, LRFD and the DDM give system reliability
indices s of 3.37 and 2.86, respectively, which correspond to probabilities of failure
of 3:78  10 4 and 2:13  10 3, respectively. The dierence between the LRFD
and the DDM in terms of system reliability is about one order of magnitude, to a
less degree observed in Case 2.
For the portal frame in Case 4, as LRFD and the DDM give similar design
strength, these two methods also produce approximately the same system relia-
bilities; s is 2.94 and 2.84, respectively for LRFD and the DDM. The similar
observation is made in Case 1. In both cases, the structures fail as a result of the
elastic instability, with little load redistribution developed.
For the portal frame of Case 5, its system reliability index is 3.62 if it is
designed by LRFD, and is reduced to  = 2.89 if it is designed by the DDM. The
discrepancy in  between the two methods is quite signicant. This case is similar
to Case 2.
For the two-bay two-story frame in Case 6, as all beams and columns are at
or close to the member LRFD limit state, the LRFD and the inelastic method
produce similar system s, 3.08 and 2.87, respectively. The two values of system
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s correspond to failure probabilities of the same order of magnitude. In this case,
all members were designed at or near the LRFD limit states, and the frame had
limited capability for redistributing forces following rst yield.
For the two-bay two-story frame in Case 7, as the ultimate strength is governed
by a single slender column C2, LRFD and the DDM give marginally dierent sys-
tem s, 3.11 and 2.83, respectively. This again demonstrates that if the structure
has limited capacity in redistributing load after rst yielding, LRFD and the DDM
produce similar levels of system reliability.
For Case 8, the system failure probabilities are 6:0  10 5 and 2:3  10 3 for
the LRFD and the DDM, respectively. The signicant dierence in probability
of failure is due to the very appreciable load redistribution capacity of the frame,
which is captured in the DDM but not in the LRFD.
4.3.2 Discussions
Following the above system reliability analysis results, some observations can be
made. When the current AISC LRFD is employed, very scattered system relia-
bility indices are obtained, in a wide range between 2.94 (Case 1) and 3.90 (Case
2). This observation conrms the common knowledge that comparing to the in-
dividual member, a frame system generally has a higher reliability, to an degree
depending on the extent to which the structural system permits load redistribu-
tion following rst yield. The dierence between system reliability and member
reliability is greater for the structures with greater capability of inelastic load re-
distribution, e.g., as observed in the continuous beam (Case 2), Case 5 and Case
8. Fig. 4.13 plots system s against (D   e) for the eight structures, in which
(D e) can roughly represents the capability of structures in load redistribution
following rst yielding. It is clearly showed that LRFD produces system reliability
indices s approximately linearly proportional to the load redistributing capability
of structures represented by (D   e).
On contrary, the DDM produces very constant system reliability index s when
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Figure 4.13: System reliability index versus D   e.
employed for structural design. Although the investigated structures have very dif-
ferent failure modes, including both elastic instability and plasticity hinge, and
very dierent structural response and load redistributing ability, the DDM gives
quite similar system s, ranging from 2.75 to 2.9, as shown in Fig. 4.13. A con-
sistent system reliability goals can be achieved by employing the inelastic design
method, as also shown in Fig. 4.13. This consistency provided by the DDM can
also be found elsewhere (Zhang et al., 2014). Therefore, comparing to the tradi-
tional member-based LRFD design method, design by advanced analysis is able to
produce more uniform system reliability. Meanwhile, the system reliability index
s generated by the inelastic method is constantly in the range of 2.75 to 2.9,
which is approximately identical to the target reliability index for member using
the LRFD (Ellingwood, 1994a, 2000).
4.4 Summary
This chapter presents a comparison of the strengths and system reliabilities of eight
simple steel structures designed by LRFD and the DDM. The eight steel structures
investigated in this chapter have dierent structural behaviors and failure modes.
60
The structures in Cases 2, 5 and 8 all have signicant load redistribution
capacity following initial yielding. For these structures, the DDM gives system
strengths 12%{32% higher than those given by LRFD. On the other hand, struc-
tures in Cases 1 and 4 collapse as a result of elastic instability involving very
limited inelasticity. Load redistribution does not occur in Cases 1 and 4; therefore
LRFD and the DDM give almost the same design strengths. Structures in Cases
6 and 7 have moderate abilities in redistributing the load after the rst yield,
and the dierences between the design strengths by LRFD and by the DDM are
marginal and similar (less 8%).
Although the current LRFD was calibrated to produce uniform reliabilities for
structural members, the resulting system reliabilities of the frames designed by
LRFD show signicant uctuation, from 2.94 (Case 1 and Case 4) to 3.90 (Case
2). There are obvious dierence in reliability between systems and members, and
the degree of dierence is directly related to the structure's capability of inelastic
load redistribution.
The DDM, however, is able to provide a more consist system reliability re-
gardless of the structure layouts, structural responses failure modes (either elastic
or inelastic) and the load redistribution capacities. Specically, using a system
resistance factor of 0.90 in the DDM, the system reliability indices of the eight
structures considered in this chapter are all between 2.75 and 2.9. This conforms
that the DDM is advantageous over the existing member-based LRFD in terms
of achieving more uniform system reliabilities. This is because the DDM explic-
itly evaluates the overall full-range system behaviors instead of just evaluating
individual members in the pre-yielding range.
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CHAPTER 5
PROBABILISTIC MODELS OF
CONNECTION PROPERTIES
5.1 Introduction
In practical engineering application, beam-to-column connections in steel struc-
tures usually show partial rigidity due to gradual yielding of connection compo-
nents. This has been demonstrated by many experimental works (Lipson, 1968;
Thompson et al., 1970; Azizinamini et al., 1985; Fu et al., 1998; Marley and Ger-
stle, 1982). However, when a computational frame model is developed for the
purpose of structural analysis or structural design, simplication is usually made,
by assuming perfectly rigid or ideally pinned connections. Recent studies showed
that the partial rigidity of connection may signicantly aect the performance
of steel structures (Nguyen and Kim, 2014; Morris and Packer, 1987; Hadianfard
and Razani, 2003). Therefore, to better capture the true behavior of steel struc-
tures in the DDM, the semi rigid characteristic of steel connections needs to be
incorporated in the DDM framework.
The connections connecting beams and columns are loaded with both shear
force and bending moment transferred from the beams. Under extreme loading
such as re situation where beam expansion is expected or in progressive collapse
scenarios where catenary action is developed in beams, connections may also be
subjected to axial forces. But for most of the connection congurations and load-
ing conditions, bending moment is the determining eect applied on connections,
such that the eect of axial force and shear force are taken into account only un-
der special circumstances, for example, as stipulated in Clause 6.2.1 of Eurocode
3 (2005) Part 1-8. Hence, the behaviour of a connection is normally characterized
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using a relationship between the bending moment and its corresponding exural
response, i.e., the moment-rotation curve (M   ), which is incorporated in the
structural calculation model for analysis and design of steel buildings. Figure 5.1
illustrates the typicalM  curves for several common connections, including sin-
gle web-angle (SW) connection, double web-angle (DW) connection, top-and-seat
angle (TS) connection, top-and-seat angle with double-web angle (TSD) connec-
tion, and extended end-plate (EEP) connection. These connections have dierent
moment-rotation characteristics.
Steel design specications provide classications of steel connections in terms of
rigidity (Eurocode 3, 2005). This is discussed in Section 5.2. Section 5.3 introduces
the common modelling techniques for the M    curves. Section 5.4 examines the
stochastic characteristics of connection properties, the initial stiness and the
ultimate strength being of the most interest, using a probabilistic analysis method
based on the connection test data compiled from the literature. Probabilistic
models of the initial stiness and moment capacity of a number of common types
of connections are proposed. These stochastic models of connection behaviour will
be used in the reliability calibrations presented in Chapter 7
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Figure 5.1: Typical moment-rotation curves of common beam-to-column connec-
tions.
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5.2 Types of Connections considered
A steel beam-column connection can be categorized according to its stiness and
strength. In Eurocode 3 (2005), a steel connection is classied according to its
rotational stiness into three types, i.e., rigid, nominally pinned or semi-rigid.
The initial rotational stiness, denoted by Rki of a connection is compared to the
bending rigidity of the beam it connects. The connection is considered rigid if Rki
is larger than 25EIb=Lb, in which EIb and Lb are the bending rigidity and length
of the connecting beam, respectively. If Rki is less than 0:5EIb=Lb, the connection
is regarded as pinned. Other than these two cases, the connection is considered
semi-rigid.
A steel connection may also be classied according to its strength into three
types. According to Eurocode 3 (2005), the exural strength (Mu) of a connection
is compared to the plastic moment capacity (Mp) of the beam. The connection is
referred to as full-strength if Mu  Mp, and deemed as pinned if Mu  0:25Mp.
The connection is partial strength if Mu is between Mp and 0.25Mp.
In AISC 360-16 (2016), a connection may be categorized into two types, i.e.,
simple connections and moment connection. The simple connections carry very
limited bending moments, and thus correspond to nominally pinned connections
dened in Eurocode 3. The moment connections can be further divided into two
types, i.e., fully restrained (FR) moment connections and partially restrained (PR)
moment connections. According to AISC 360-16 (2016), the boundary between
the simple, FR and PR connections is described as follows, expressed in terms of
the ratio of secant connection stiness at the service load (Rks) to the exural
stiness of the connecting beam, (EIb)=Lb: a FR connection has a RksLb=(EIb)
ratio larger than 20; a PR connection has a RksLb=(EIb) ratio between 2 and
20, and a simple connection has a RksLb=(EIb) ratio less than 2. Therefore, the
FR moment connection and the PR moment connection correspond to the rigid
connection and the semi-rigid connection dened in Eurocode 3, respectively. It is
noted that the above classication is based on the stiness of the connection. This
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means a FR moment connection can be either full-strength or partial strength.
5.2.1 Single/Double-web angle(SW/DW) connection
In a single web-angle (SW) connection, the beam web is connected to the column
ange through an angle, and the connecting method can welded or bolted. Fig-
ure 5.2 schematically illustrates a bolted SW connection. The double web-angle
(DW) connection has another angle located on the other side of the beam web, as
shown in Fig. 5.3. Both of connections types mainly transfer shear loads through
the bolts on both the beam web and the column ange, and normally have a small
rotational stiness and considerable ductility. Hence, SW and DW connections
are usually assumed as simple connections.
Column
Beam
Angle
Column
Figure 5.2: Single-web angle connection.
5.2.2 Top and seat angle (TS) connection
Top-and-seat angle connections, as shown in Fig. 5.4, are popular in steel struc-
tures due to its simple erection. Two angles in a TS connection work dierently:
the one on the top angle provides support for the top beam ange for prevention of
buckling under compressive force transferred through the top beam ange, while
the one on the bottom transfers the shear force, from the beam to the column.
Therefore, normally the TS connection is expected to carry shear force only, i.e.,
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Column
Beam
Web angle
Figure 5.3: Double-web angle connection.
no bending moment is allowed (AISC, 1989). Nevertheless, experimental inves-
tigations on the TS connection illustrated that, TS connection is able to carry
certain amount of bending moment at the beam end (Ahmed and Hasan, 2015).
Column
Beam
Top angle
Seat angle
Figure 5.4: Top and seat angles connection.
5.2.3 Top and seat with double-web(TSD) angle connection
From the geometrical point of view, as illustrated in Fig. 5.5, a top and seat
with double-web angle connection combine the features of the TS connections
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and the DW connections. The angles on the beam anges work similarly to the
angles in the TS connection, i.e., constraining the out-of-plane deformation and
transferring the shear force, respectively. The angles on the beam web help transfer
the shear loads, improving the connection restraint characteristics. Generally, the
TSD connection performs semi-rigidly. Moreover, the angles connecting the beam
anges to the column have appreciable deformability, as do the angles on the beam
web, rendering great ductility for the TSD connection.
Column
Beam
Top angle
Seat angle
Web angle
Figure 5.5: Top and seat angles with double web angle connection.
5.2.4 Extended End plate (EEP) connection
The end plate connections are very popular in construction of steel structure for
decades. In practical engineering application, the end-plate is welded to the beam
end in fabrication workshops, and then is connected to the column ange on site
through bolts. Figure 5.6 illustrates a typical EEP connection. Generally, the
EEP connection transfers the shear load as well as the bending moment at the
beam end to the column, thereby normally falling into the category of the rigid
connection. In EEP connections, the rotational deformation mainly arises from
the bending deformation of the end-plate, especially the extended part of the end-
plate. There are three failure modes for the end-plate, as well as other components
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that can be represented by a T-stub: the formation of four plastic hinges in the
end-plate, the simultaneous formation of two plastic hinges in the end-plate and
the fracture of bolts, and the bolt fracture. The last failure model is brittle and
thus should be avoided in design of connection. Column web buckling is another
component observed with great deformation in EEP connections with unstiened
column webs, and is a potential failure mode as recorded in early tests Chen and
Oppenheim (1974). In practice, this failure mode is usually avoided by introducing
web stieners.
Column
Beam
Extended end-plate
Figure 5.6: Extended end plate connection.
5.3 Modeling of connection moment-rotation re-
sponse
Numerous research eorts have been made to study the behaviour of beam-column
connections, as well as the inuence of connection behaviour on the overall per-
formance of the frame system, through experiments, numerical simulations and
theoretical analysis. Normally, the behaviour of a connection can be character-
ized by the moment-rotation (M   ) curve. If the connection behaviour is to be
considered in the structural analysis, the M    response has to be incorporated
in the calculation model and thus is of great importance.
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5.3.1 Empirical models
In earlier research attempts, linear curve was used for the moment-rotation rela-
tion of steel connections (Rathbun, 1936), i.e., only the initial linear stiness is
considered. Due to the inherent nonlinear rigidity owned by the connection, this
linear curve obviously overestimates the connection stiness in the nite rotation
region, as shown in Fig. 5.7.
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Figure 5.7: Linear model of moment-rotation curve.
In 1980s, bilinear curves started to be adopted to express the moment-rotation
relation (Tarpy and Cardinal, 1981; Melchers and Kaur, 1982; Lui and Chen,
1986), as shown in Fig. 5.8, which is capable of capturing the reduction of stiness
in nite rotation, but is still not suitable to connections with very large rotations.
Piecewise multi-linear models were also proposed, as shown in Fig. 2.5 (Razzaq,
1983), in which the abrupt change of stiness at the transition points may be
unwanted for certain circumstances.
A polynomial model was developed in Sommer (1969) and then extended in
Frye and Morris (1975) to capture the nonlinear nature of theM  relations. The
model is proved to be applicable to seven dierent connection types, such as DW
connection, TS connections, et al. However, this model has a major disadvantage,
i.e., the tangent stiness may turn negative at some connection moment, which
contradict the physical phenomena and may also bring numerical diculties in
frame structure analysis. To overcome this limitation, the polynomial functions
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Figure 5.8: Bilinear model of moment-rotation curve.
were replaced in Ang and Morris (1984) by a nonlinear Ramberg-Osgood model.
The M    curve described by Ramberg-Osgood model has a positive slope for
the entire range, and can be represented as:

0
=
jKM j
(KM)0
 
1 +
 jKM j
(KM)0
n 1!
(5.1)
where (KM)0 and 0 are constants that dene the intersection point A (see
Fig. 5.9), n is a parameter that denes the curve shape, and K is a factor that is
related to the specic connection type and geometry. Alike the Ramberg-Osgood
model mode, exponential models were also proposed to ensure a positive tangent
stiness (Lui and Chen, 1986).
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Figure 5.9: Ramberg-Osgood Model.
The above moment-rotation curves can be tted using certain curve tting
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techniques. However, these models cannot be used beyond the range of exper-
imental data. In Yee and Melchers (1986); Bjorhovde et al. (2014); Kishi and
Chen (1990), tted models were combined with some behavioural models. For
example, Jaspart and Vandegans (1998) performed nite element analysis with a
power model with four parameters, in which the connection component properties
were determined from experiments. This model has a formula of:
M =
(Rki  Rkp)
(1 + (=0)n)1=n
+Rkp (5.2)
with Rki and Rkp being respectively the stiness of connection at the initial range
and at the nonlinear range, n being a shape parameter, 0 being a reference rota-
tion 0 =M0/(Rki-Rkp), and M0 being a reference connection moment.
Figure 5.10: Richard-Abbott model.
5.3.2 Simplied analytical models and three-parameter-power model
Simplied analytical models have been proposed for the beam-to-column connec-
tion and its key components by using the basic theories of structural analysis,
including the equilibrium equations, the compatibility equations and the material
constitutive laws (Nethercot and Zandonini, 1989). These connections and connec-
tion components include double cleat connections, studied in Lewitt et al. (1969)
for the initial and nal plastic states, ush endplate connections, studied in John-
son and Law (1981) based on the principal of superimposition, bolted endplate
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eave connections, studied inYee and Melchers (1986) with only one parameter to
calibrate, bolted double framing angle connections, studied in Richard et al. (1988)
that used nonlinear springs and rigid bars to model the angle segments, seat and
top angles with or with- out double web angle connections, studied in Wu and
Chen (1990) to arrive an exponential model with three parameters, and et al.
Above them all, Kishi et al. (1987), Kishi and Chen (1990) investigated the
performance of SW, DW, TS and TSD connections to nd that the Richard-type
power expression can be utilized to describe the initial stiness and the ultimate
exural resistance of these connection types. The Kishi-Chen model, i.e., the
so-called three parameter power model (3PPM), will be used in this thesis for
determining the moment-rotation curve of connections due to the accuracy and
simplicity of this model. In 3PPM, the moment-rotation (M   ) relationship is
expressed as:
M =
Rki
(1 + (=0)n)1=n
; (5.3)
with
0 =Mu=rki; (5.4)
where n is the shape parameter calculated through an empirical equation (Kishi
et al., 1993), Rki is the initial stiness, and Mu the ultimate strength of the
connection. Rki and Mu can be calculated using only the connection material
and geometrical properties (Kishi et al., 1987; Kishi and Chen, 1990; Kishi et al.,
1993).
Figure 5.11 schematically shows the M    curve generated by this model, and
Table 5.1 shows the shape parameters for some common types of connections. It
is noticed that a larger shape parameter leads to a steeper curve.
5.3.3 Mechanical models (component-based approaches)
More recently, eorts have been made to develop mechanical models, in which the
connectionM  response is obtained through assembling the mechanical response
of all key components, i.e., the load-deformation relations, as shown in Fig. 5.12
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Table 5.1: Empirical equations for shape parameter n (Kishi et al., 1993).
Connection type n
SW 0.520lg0+2.291 if lg0 > -3.073
0.695   3:073
DW 1.322lg0+3.952 if lg0 > -2.582
0.573   2:582
TS 2.003lg0+6.070 if lg0 > -2.880
0.302   2:880
TSD 1.398lg0+4.631 if lg0 > -2.721
0.827   2:721
Figure 5.11: Three parameter power model.
(Zhu et al., 2019a). These models are proposed based on comprehensively un-
derstanding the mechanical behaviour of each individual component and the way
components interact. On the basis of pure mechanical analysis and derivations,
the mechanical models have natural advantages over other models, such as the
mathematical formulations and simplied analytical models, in interpreting the
connection's working mechanism.
The rst application of the component-based models dated back to 1980s
(Wales and Rossow, 2016). The model were later extended by in Chmielowiec
and Richard (1987) for application in all kinds of cleated connections. Meanwhile,
the concept of T-stub was introduced in Kennedy and Hafez (1984) to represent
the tensile and compressive properties of the connection.
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Figure 5.12: Component identication and corresponding component model of
end plate connection (Zhu et al., 2019a).
Tschemmernegg (1988) developed a model for the fully welded connections,
which was validated through 30 tests coving a wide variety of beam and col-
umn sections. This model was later extended to the endplate bolted connection
through using more springs to consider extra sources of deformation from other
components, which was also calibrated through experimental data.
In the 1990s, the research on the component-based models started to focus
on the full-range response, up to the nal failure, of the connection, including
the TSD angle connections Pucinotti (2001) and the welded connections (Sim~oes
and Coelho, 2001). Mechanical models were also developed for extended endplate
connections in de Lima (2003) and for ush endplate connections in Sim~oes et al.
(2004). These models include two rigid bars which respectively model the beam
end and the column centerline, which are linked by nonlinear springs capturing
the nonlinear behaviour of the connection components. Based on the same idea, a
model for was proposed in Ramli-Sulong (2005) for the n-plate connection, the TS
and TSD connections, and the ush and extended endplate connections. Recently,
the inuence of axial force on the connection behaviour became a new research
interest, and models has been developed for accurately represent the moment-axial
force interaction (Del Savio et al., 2009).
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The accuracy of the component-based methods greatly depends on the accu-
racy of the load-deformation response of components, and thus sometimes is not
satisfactory. Therefore, currently the mechanical models are not adopted in this
study. The development of the mechanical models is introduced briey below.
5.4 Stochastic characteristics of connection prop-
erties
5.4.1 Collection of experimental data
In reliability analysis of building structures, the variability of connection behavior
may play an important role. Therefore, in this section, experimental data are
collected from the literature and analysed statistically to obtain the probabilistic
model of the connection behaviour (initial stiness and moment capacity).
Often with the connection test data, the elastic range of the moment-rotation
curve is fairly small and the elastic limit is not obvious. The secant stiness
corresponding to a rotation of 0.002 radians, denoted by K0:002, is taken to be the
\initial" stiness. A rotation of 0.002 is suciently small to be well within the
elastic range.
With regard to the moment capacity of a connection, the moment-rotation
curves obtained from connection tests often do not show a descending part. To
overcome the diculty of dening the moment capacity, in this study, typically
the moment corresponding to a rotation of 0.02 radians, M0:02, is used to ap-
proximate the moment capacity of the connection, as a rotation of 0.02 suces
to accommodate the curvature of the beam. It should be noted that for single
web-angle connections, the moment at a rotation of 0.03 radians, M0:03, is used to
approximate the moment capacity, as single-web angle connections typically have
signicant ductility (Kong and Kim, 2016).
5.4.2 Statistical analysis method
In total, 47 tests of SW connection, 46 tests of DW connection, 29 tests of TS con-
nection, 32 tests of TSD connection and 54 tests of EEP connection are collected
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Table 5.2: Connection test data compiled from the literature.
Connection type Reference for the experimental curves Number of tests
SW
Lipson (1968) 16
Kong and Kim (2016) 31
DW
Lewitt et al. (1969) 12
Thompson et al. (1970) 22
Abolmaali et al. (2003) 12
TS
Marley and Gerstle (1982) 24
Harper Jr (1990) 1
Mander et al. (1994) 4
TSD
Azizinamini et al. (1985) 19
Fu et al. (1998) 4
Calado et al. (2000) 3
Komuro et al. (2002) 2
Reinosa et al. (2014) 4
EEP
Ioannides (1979) 5
Dews (1979) 3
Johnstone and Walpole (1981) 8
Yee (1984) 15
Zandonini and Zanon (1988) 6
Bose et al. (1996) 3
Fang et al. (2014) 7
Zhu et al. (2019a) 7
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from the literature, and are listed in Table 5.2.
For a given connection type, the available tests as listed in Table 5.2 varied in
connection congurations and materials, and therefore, not surprisingly, showed
dierent bending resistance and initial stiness. The test data cannot be used
directly for statistical analysis. Instead, prior to being used for statistical analysis,
these test results are normalised by the \nominal" results obtained from the three-
parameter power models (3PPM) (Kishi and Chen, 1990), as follows:
Step 1 For a given connection test collected from the literature, obtain K0:002 and
M0:02. These are the test (\true") values.
Step 2 According to the (nominal) connection material and geometrical properties
reported in the literature, compute the connection moment-rotation response
using the three-parameter-power model (Eq. 5.3). Obtain the calculated
value of connection stiness at a rotation of 0.002, denoted by K 00:002, and
the moment at a rotation of 0.02, denoted byM 00:02. These two are \nominal"
values of K0:002 and M0:02.
Step 3 Obtain the test/nominal ratios: K0:002=K
0
0:002 and M0:02=M
0
0:02.
Therefore, dierent test data (for a given connection type) can be combined mean-
ingfully to estimate the overall probabilistic characteristics of this type of con-
nection, particularly, the mean, COV and distribution type of K0:002=K
0
0:002 and
M0:02=M
0
0:02. Assuming that K0:002  Rki and M0:02  Mu, then K0:002=K 00:002 is
equal to the test-to-nominal ratio of Rki, and M0:02=M
0
0:02 is equal to the test-to-
nominal ratio of Mu. Note that the discrepancy between K0:002 and K
0
0:002 (M0:02
andM 00:02) is due to the inherent uncertainties in connection material and geomet-
rical properties, as well as the modelling uncertainty of the three-parameter-power
model.
In addition to the uncertainties in K0:002 and M0:02, the stochastic correlation
between K0:002 and M0:02 is also examined.
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5.4.3 Single and double web angle (SW, DW) connections
5.4.3.1 Initial stiness and ultimate moment in 3PPM
As mentioned previously, the 3PPM proposed by Kishi and Chen (1990) is adopted
to obtain the M    curve, in which the parameters of initial stiness (Rki) and
ultimate moment (Mu) are to be determined. Note that Rki and Mu here are only
parameters for calculating the full-range M    curve.
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Figure 5.13: Parameters of SW connection.
Kishi and Chen (1990) proposed equations for calculation of Rki of SW con-
nection:
Rki = G
t2a
3
 cosh()
() cosh()  sinh() (5.5)
where G is shear modulus; ta is the angle thickness;  = 4.2967 if Poissons ratio
equals to 0.3;  = g1SD=lp where lp is the angle length and gc is distance between the
angle heel and the center of the bolt holes near the beam web on the outstanding
leg:
g1SD = gc   ka   w
2
(5.6)
where g1SD is the gage distance between the xed support line and the free edge
line; w is the fastener nut width, and ka is the distance from the angle heel to the
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Figure 5.14: Parameters of DW connection.
toe of the llet. The parameters of SW and DW connection are shown in Fig. 5.13
and 5.14. Note that Rki of the DW connection should be twice this value given in
Eq. (5.5).
The ultimate moment Mu in the 3PPM for a SW connection is calculated as:
Mu =
2Vpu + Vo
6
l2p (5.7)
where Vo is the plastic shear resistance per unit length, which is calculated from
Eq. (5.8), and Vpu is calculated by solving Eq. (5.9):
Vo =
Fylpta
2
(5.8)
Vpu
Vo
4
+
gy
ta

Vpu
Vo

  1 = 0 (5.9)
where Fy is the yield stress of angle; gy is the distance from the plastic-hinge line
to the free edge line. Note that a DW connection has a Mu value twice that by
Eq. (5.7).
5.4.3.2 Statistics of initial stiness and moment resistance of SW and DW
connections
Appendix A gives the detailed test-to-nominal ratios of the initial stiness and
moment capacity of 47 tests of SW connections and 46 tests of DW connections.
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According to Table A.1, the moment capacity of SW connection has a mean-to-
nominal value of 1.04 with a COV of 0.27. The initial stiness Rki of SW has a
mean-to-nominal ratio of 1.06 with a COV of 0.17. Both the initial stiness and
moment capacity can be tted by lognormal distributions. It was also found that
Rki and Mu are positively correlated, with a coecient of correlation  of 0.86.
The histograms of initial stiness and bending resistance for SW connection are
shown in Fig. 5.15 and 5.16, respectively.
0
1
2
3
4
5
6
7
8
9
10
N
u
m
b
e
r
Normalized stiffness K
0.002
(Test/Model)
mean = 1.06
COV = 0.17
Figure 5.15: Histogram of normalized Rki (Test/nominal values) for SW connec-
tion.
The test-to-nominal ratios of Rki and Mu for DW connections are summarised
in Table A.2. For the connection moment capacity Mu, it has a mean-to-nominal
value of 0.89 with a COV of 0.16, and can be tted by a lognormal distribution.
The connection initial stiness has a higher mean-to-nominal ratio of 1.12, and
a COV of 0.19. The correlation coecient  between Rki and Mu is 0.63. The
histograms of the initial stiness and bending resistance for DW connection are
shown in Fig. 5.17 and 5.18.
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Figure 5.16: Histogram of normalized Mu (Test/nominal values) for SW connec-
tion.
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Figure 5.17: Histogram of normalized Rki (Test/nominal values) for DW connec-
tion.
5.4.4 Top and seat angle (TS) connection
5.4.4.1 Initial stiness and ultimate moment in 3PPM
Kishi and Chen (1990) have provided equations to calculate the initial stiness in
the 3PPM, Rki:
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Figure 5.18: Histogram of normalized Mu (Test/nominal values) for DW connec-
tion.
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Figure 5.19: Parameters of TS connection.
Rki =
3EIt
1 +
0:78t2t
g21TS
d21
g31TS
(5.10)
where EIt is the bending stiness of legs connecting to the column of the top
angle; d1 is the distance from the leg center to the top and seat angles, calculated
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from Eq. (5.11); g1TS is the gauge distance between the free edge line and the xed
support line, calculated from Eq. (5.12):
d1 = d+
tt
2
+
ts
2
(5.11)
where d is the total depth of beam section, tt and ts are the thickness of the top
and seat angles, respectively.
g1TS = g
0
t  
tt
2
  w
2
(5.12)
where w is the across-ats width of nut; g0t is the gauge distance between the heel
of the top angle's heel and the center of fastener holes in the outstanding leg.
In Kishi and Chen (1990), the ultimate moment is calculated as:
Mu =Mos +Mp + Vpd2 (5.13)
where Mos is plastic moment capacity at center of rotation of the seat angle
Eq. (5.14), Mp is plastic moment capacity at bottom plastic hinge of the top
angle Eq. (5.15), d2 is d+ts/2+kt, in which kt is the distance between the heel of
the top-angle and the llet toe, and Vp is the shear force, calculated by solving
Eq. (5.16):
Mos =
Fylst
2
s
4
(5.14)
Mp =
Vptg2
2
(5.15)
Vpt
Vo
4
+
g2
tt

Vpt
Vo

  1 = 0 (5.16)
where Fy is the yield stress of angle; lt and ls is the length of the top and seat
angles; Vo is shear force capacity per unit length; g2 is the distance between two
plastic hinges:
g2 = g
0
t   kt  
w
2
  tt
2
: (5.17)
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5.4.4.2 Statistics of initial stiness and moment resistance of TS connections
The moment resistance of TS connection can be modelled by a lognormal distribu-
tion with a mean-to-nominal value of 1.00 and a COV of 0.14. The initial stiness
Rki is approximately lognormally distributed with a mean-to-nominal value of
1.04 and a COV of 0.20. The correlation () between Rki and Mu is 0.98, almost
perfectly correlated. The histogram of initial stiness Rki and moment capacity
Mu of DW connection are plotted in Fig. 5.20 and 5.21. Detailed test-to-nominal
ratios of Rki and Mu for TS connections can be found Table A.3.
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Figure 5.20: Histogram of normalized Rki (Test/nominal values) for TS connec-
tion.
5.4.5 Top and seat with double-web angle (TSD) connection
5.4.5.1 Initial stiness and ultimate moment in 3PPM
In 3PPM, the initial stiness Rki of a TSD connection is calculated from (Kishi
and Chen, 1990):
Rki =
3EItd
2
1
g1SD(g21SD + 0:78t
2
t )
+
6EIad
2
3
g3(g23 + 0:78t
2
a
(5.18)
where EIa is the bending stiness of legs connecting to the column of the web
angle; d1 and g1SD are parameters relating to web angle and can be calculated
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Figure 5.21: Histogram of normalized Mu (Test/nominal values) for TS connec-
tion.
through Eqs. (5.11) and (5.6); d3 = d=2 + ts=2; g3 = g
0
c   w=2   ta=2; g0c is the
distance between the bolt hole center in the outstanding leg of the web angle and
the heel of the angle, as shown in Fig. 5.22.
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Figure 5.22: Parameters of TSD connection.
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The ultimate moment in 3PPM is calculated as:
Mu =Mos +Mp + Vptd2 + 2Vpad4 (5.19)
where Mos and Mp are calculated according to Eqs. (5.14) and (5.15), Vpa and d4
are calculated by:
Vpa =
(Vpu + Voa)
2
lP (5.20)
d4 =
(2Vpu + Voa)
3(Vpu + Voa)
lp + l1 +
ts
2
(5.21)
where Vpt is ultimate shear force acting on top angle, and it can be determined
by solving Eqs. (5.16); Vpu is the ultimate shear force at upper edge of web angle,
and it can be determined by solving Eqs. (5.9); g2 is calculated as Eqs. (5.17);
Vo is calculated as Eqs. (5.8); ka is the radius of the llet of web angle; Mos is
cuculated as Eqs. (5.14); Mp is calculated as Eqs. (5.15); l1 is the distance from
the bottom edge of web angle to the compression ange of beam, as shown in
Fig. 6.3; gy = g1TS   ka   ta; Voa is the ultimate shear force at the lower edge of
web angle, calculated as Eqs. (5.22).
Voa =
Fy
ta
(5.22)
5.4.5.2 Statistics of initial stiness and moment resistance of TSD connec-
tions
Table A.4 gives the test-to-nominal values of the connection moment resistanceMu
and the initial stiness Rki of TSD connection, based on a total of 32 connection
tests. It is found that Mu can be modelled by a lognormal distribution with a
mean-to-nominal value of 1.05 and a COV of 0.2. The initial stiness Rki has
a mean-to-nominal value of 1.06 and a COV of 0.15, described by a lognormal
random variable. The correlation () between Mu and Rki is 0.9. Fig. 5.23 and
5.24 show the histograms of the initial stiness and moment resistance of TSD
connection, respectively.
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Figure 5.23: Histogram of normalized Rki (Test/nominal values) for TSD connec-
tion.
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Figure 5.24: Histogram of normalized Mu (Test/nominal values) for TSD connec-
tion.
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5.4.6 Extend End plate (EEP) connection
5.4.6.1 Initial stiness and ultimate moment in 3PPM
The initial stiness Rki in the 3PPM is given in Christopher and Sriramulu (1995):
Rki =
Tp(d  tfb)2

(5.23)
where Tp is the ange force, which is determined as the minimum of the following
ange force obtained through consideration of: the moment capacity of the beam
(Tp1), bolt failure (Tp2), end plate failure (Tp3), column ange failure (Tp4), web
yielding (Tp5) and web buckling (Tp6); d is depth of beam; tfb is thickness of beam
ange;  is total deection;
Tp1 =
Mpb
d  tfb
Tp2 =
4
1:2
FtbAb
Tp3 =
bst
2
epFbp
mpe
where
pe = b  0:25db   tw
m = CaCb

Af
Aw
 1
3

pe
db
 1
4
where
Ca = 1:29

Fy
Fub
 2
5

Ftb
Fbp
 1
2
Cb =

bfb
bs
 1
2
Tp4 = t
2
fcFyc

3:14 +
0:5c
m+ n

+
2Fubn
m+ n
Tp5 = Fytwc(tfb + 6k + 2tep + 2tw)
Tp6 = 4100t
2
wc
p
Fy
dc
 = ep +cf
where
ep =
TpZep
E

1
8
  qT
2

3
4
ep   3ep

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cf =
TpZcf
E

1
8
  qT
2

3
4
cf   3cf

where
qT =
Zepep1 + Zcfcf1
Zepep2 + Zcfcf2 +
k2k3
2Ab(k2+k3)
where
k2 = ls + 1:43lt + 0:91ln + 0:4lw
k3 =
tep + tfc
5
ep =
a
lep
cf =
a0
lcf
Zep =
l3ep
wept3ep
Zcf =
l3cf
wcf t3cf
ep1 = 1:5ep   23ep
ep2 = 6
2
ep   83ep
cf1 = 1:5cf   23cf
cf2 = 6
2
cf   83cf
where
lep = 2(a+ b  tw)
lcf = bfc   2k1
a0 =
bfc   g
2
where bfc and bep are breadth of the column ange and end-plate, respectively; k1 is
distance between column ange centerline and the root of the column ange llet;
g is horizontal bolt gauge; wcf and wep are eective width of column ange and
end-plate, respectively; lcf and lep are eective bending length of column ange
and end plate, respectively; ls is length from base of bolt head to threads; lt is
length of threads below surface of the end plate or column ange; ln is thickness
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(height) of nut; lw is two times the thickness of an individual washer;Mpb is plastic
moment of beam; Ftb is tensile yield stress of the bolt; Ab section area of beam; bS
is width of end-plate; tep is thickness of end-plate; Fbp is the bending yield stress
for the end plate; tfc is thickness of column ange; c is the vertical bolt pitch; Fub
is the ultimate tensile stress of the bolts; m is the distance from face of the column
web to the bolt centerline less the llet; n is the distance from the bolt centerline
to the edge of the column ange; Fyc is yield stress of column; twc is thickness of
column web; k is the distance from the edge of the column ange to the root of
the column web llet; tw is the thickness of beam web and dc is depth of column
web clear of the llets, as shown in Fig. 5.25.
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Figure 5.25: Parameters of EEP connection.
The ultimate moment in 3PPM, Mu, of the EEP connection can be calculated
from Christopher and Sriramulu (1995):
Mu = Tp(d  tfb): (5.24)
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5.4.6.2 Statistics of initial stiness and moment resistance of EEP connec-
tions
The test-to-nominal ratios of Rki and Mu for EEP connections are presented in
Table A.5. It is found that the connection moment capacity Mu has a mean-
to-nominal value of 0.99 with a COV of 0.12, and can be tted by a lognormal
distribution. The connection initial stiness has a higher mean-to-nominal ratio
of 0.95, and a COV of 0.17. The correlation coecient  between Rki and Mu
is 0.82. The histograms of the initial stiness and bending resistance for EEP
connection are shown in Fig. 5.27 and 5.26, respectively.
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Figure 5.26: Histogram of normalized Mu (Test/nominal values) for EEP connec-
tion.
5.4.7 Probabilistic models of connection initial stiness and moment
capacity
The statistics of the initial stiness Rki and moment capacity Mu of the ve types
of connections are summarised in Table 5.3 and Table 5.4. In all cases, Rki and
Mu can be tted reasonably well by lognormal distributions. The statistics are
somewhat dierent between dierent types of connections. For the initial stiness,
the mean-to-nominal ratios vary between 0.95 to 1.06 except that DW connection
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Figure 5.27: Histogram of normalized Rki (Test/nominal values) for EEP connec-
tion.
has a relatively large mean-to-nominal ratio of 1.12. The COV of Rki is in the
range of 0.15 to 0.20. For moment capacity, the mean-to-nominal ratio varies
between 0.89 and 1.04. The COV in Mu has a large variation between dierent
connection types; the smallest COV is 0.12 for EEP, while SW connection has the
largest COV (0.27) inMu. The mean-to-nominal values forMu and Rki are close to
unity, suggesting that, on average, the three-parameter-power-model can predict
the connection behaviour reasonably well. It was also found that Mu and Rki
are strongly positively correlated, as shown in Table 5.4. Such strong correlation
cannot be ignored in reliability analysis.
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Table 5.3: Probabilistic models of connection initial stiness Rki and moment
capacity Mu.
Connection
Ultimate moment Mu
mean/nominal COV Distribution
SW 1.04 0.27 lognormal
DW 0.89 0.16 lognormal
TS 1.00 0.14 lognormal
TSD 1.05 0.20 lognormal
EEP 0.99 0.12 lognormal
Connection
Initial stiness Rki
Mean/nominal COV Distribution
SW 1.06 0.17 lognormal
DW 1.12 0.19 lognormal
TS 1.04 0.20 lognormal
TSD 1.06 0.15 lognormal
EEP 0.95 0.17 lognormal
Table 5.4: Coecient of correlation () between Mu and Rki.
Connections 
SW 0.86
DW 0.63
TS 0.98
TSD 0.90
EEP 0.82
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CHAPTER 6
THE DDM OF FRAMES WITH PARTIALLY
RESTRAINED CONNECTIONS
This chapter investigates six series of typical planar steel frames with partially
restrained beam-column connections. The frames are selected to represent typical
constructions of low- to mid-rise steel frames. For each model frame, three types
of connections are considered, i.e., extended end plate connections, top and seat
with double web angle connections, and double web angle connections. For a given
type of connection, dierent cases of connection stiness and strength are studied.
The six series of frames exhibit dierent failure modes. The design strengths of
the frames given by the DDM and the conventional method - AISC LRFD are
compared. The six series of frames will be further used in Chapter 7 to perform
system reliability calibrations for the DDM of semi-rigid steel frames.
6.1 Model frames
Six series of planar steel frames have been selected as baseline frames for the
present study, representing typical low- to mid-rise semi-rigid steel frame building
inventory. The geometry, support conditions and loading patterns are shown in
Fig. 6.1.
For each frame series, three types of connections are studied, including ex-
tended end-plate (EEP) connections, top and seat with double web angle (TSD)
connections, and double web angle (DW) connection. Frame 1 is a portal frame,
originally studied by Lui and Chen (1987). Frame 2 is adopted from Sakurai et al.
(2001), and Frame 3 is adopted from Ziemian et al. (1992a). Frame 4 is a four-bay
two-story symmetric frame, originally studied by Kishi et al. (1993). Frame 5 is a
two-bay six-storey frame, referred to as Vogel Frame in Nguyen and Kim (2014).
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Figure 6.1: Layouts of the model frames.
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Table 6.1: Member sizes for the model Frames 1-6.
Frame Member Section
Frame 1
C1,C2 W831
B1 W1650
Frame 2
C1-6 W1490
B1-3 W21122
Frame 3
C1 W815
C2 W14132
C3 W14120
C4 W813
C5 W14120
C6 W14109
B1-4 W27102
Frame 4
C1,C5,C6,C10 W824
C2-4,C7-9 W831
B1-4 W1850
B5-8 W1422
Frame 5
C1,C3,C4,C6,C7,C9,C10,C12 HEB220
C13,C15,C16,C18 HEB160
C2,C5 HEB260
C8,C11 HEB240
C14,C17 HEB200
B1-2 IPE400
B3-4 IPE360
B5-6 IPE330
B7-10 IPE300
B11-12 IPE240
Frame 6
C1,C3,C4,C6 W2173
C7,C9 W615
C2 W2468
C5,C8 W1835
B1-6 W1650
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Frame 6 is a two-bay three-storey frame adopted from Kameshki and Saka (2001).
Table 6.1 summarises the cross-sections of the members in the six frames. For
all frames, the cross-sections are compact, beams and columns are fully laterally
braced, and therefore lateral torsional buckling and local buckling are not con-
sidered. All frames use North American wide ange sections, except for Frame
4 (Vogel frame) in which the European I sections are adopted. For all frames, a
nominal initial out-of-plumbness of 1/500 is introduced, following the recommen-
dation of the Code of Standard Practice AISC 303-16 (2016). For Frames 1, 2,
3, 4 and 6, the nominal yield stress Fyn is 250 MPa, and the nominal modulus of
elasticity En is 200 GPa. Frame 5 is slightly dierent with a nominal yield stress
and a nominal modulus of elasticity of 235 MPa and 205 GPa, respectively. The
steel material is assumed to be elastic-perfectly-plastic, with the ECCS residual
stress pattern shown in Fig. 3.5(a).
Table 6.2: Reference loads for various wind-to-gravity load ratio WT/GT .
Frame WT/GT W (kN) N (kN/m) Dn (kN/m) Ln = 1:5Dn (kN/m)
Frame 1
0.10 18.68 35.03 17.96 26.94
0.15 28.02 35.03 17.96 26.94
0.20 37.37 35.03 17.96 26.94
Frame 2
0.10 26.69 36.43 18.68 28.02
0.15 40.03 36.43 18.68 28.02
0.20 53.38 36.43 18.68 28.02
Frame 3
0.10 72.59 35.03 17.96 26.94
0.15 108.89 35.03 17.96 26.94
0.20 145.19 35.03 17.96 26.94
Frame 4
0.10 106.76 35.03 17.96 26.94
0.15 160.14 35.03 17.96 26.94
0.20 213.51 35.03 17.96 26.94
Frame 5
0.10 58.84 49.04 25.15 37.72
0.15 88.26 49.04 25.15 37.72
0.20 117.68 49.04 25.15 37.72
Frame 6
0.10 51.70 37.70 19.34 29.00
0.15 77.54 37.70 19.34 29.00
0.20 103.39 37.70 19.34 29.00
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6.1.1 Loading
All frames are designed according to the loading standard ASCE7 (2016). This
chapter only considers the combined wind and gravity loads,
1:2Dn + 1:0Wn + 0:5Ln: (6.1)
Note that the reliability calibration in Chapter 7 will also consider the load combi-
nation involving gravity loads only. As will be mentioned in Chapter 7, reliability
calibration is to nd a single value of s which can yield relatively consistent
reliabilities for a wide range of typical frames under dierent loading situations.
Therefore, for each baseline frames, dierent loading scenarios are to be considered.
For combined wind and gravity load combination in Eq. (6.1), the wind-to-gravity
load ratio has a signicant eect on structural reliabilities. In general, a higher
wind-to-gravity load ratio leads to a smaller structural reliability, as wind loads
have greater uncertainties than the gravity loads. Thus the reliability calibration
of system resistance factor s needs to consider a range of practical values of wind-
to-gravity load ratios. Let WT and GT respectively denote the total wind loads
and gravity loads in the load combination Eq. (6.1), i.e.,
WT =
X
i
Wni; GT =
X
i
(1:2Dni + 0:5Lni); (6.2)
in which the summation sign denotes the sum of loads for all levels. WT and GT
are consistent in unit. Thus, WT=GT represents the wind-to-gravity load ratio.
For each series of baseline frame, three wind-to-gravity load ratios are considered,
i.e., WT=GT = 0:10, 0.15 and 0.20. The live-to-dead load ratio, Ln=Dn is xed
as 1.5 for this load combination. A value of Ln=Dn = 1:5 is typical for ordinary
residential and oce steel buildings. Other values of Ln=Dn has been considered.
It was found that the eect of Ln=Dn on the system reliability is much smaller
than the wind-to-gravity ratio WT=GT . Thus, only the variation of WT=GT is
considered, while Ln=Dn is set xed as 1.5.
Table 6.2 shows the loads for various ratios of WT=GT for the six frames. Note
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that the loads W and N shown in Table 6.2 represent the load combination in
Eq. (6.1), i.e., Wn + 1:2Dn + 0:5Ln.
6.1.2 Connection details
For each series of baseline frame, three types of connections are considered, in-
cluding extended end-plate (EEP) connection, top and seat with double-web an-
gle (TSD) connection, and double-web angle (DW) connection. Thus, each series
of baseline frame expands to several frames which are identical except that the
beam-to-column connections are dierent. To investigate the eects of connection
stiness and strength on the reliability calibrations, the connections are selected
specically to cross a range of stiness and strength. As introduced in Section
5.2, the rigidity of a beam-column connection can be classied according to the
stiness ratio:
RkiLb=EIb (6.3)
in which Rki is the initial stiness of the connection, Lb and EIb are the length
and bending rigidity of the beam, respectively. If RkiLb=EIb is between 0.5 and
25, the connection is classied as partially restrained. The connections can also
be classied as partial strength (PS) or full strength (FS), depending on the ratio
Mu=Mp, in which Mu is the connection moment capacity and Mp is the plastic
moment resistance of the beam.
6.1.2.1 Extended end plate connections
Figure 6.2 shows the extended end plate connection. Two EEP connections are
considered:
 EEP1: represents partially restrained and partial strength (PR+PS);
 EEP2: represents fully restrained and full strength (FR+FS).
EEP1 is considered for all frames, while EEP2 is considered for Frame 5 only.
The details of the two EEP connections for each frame series are tabulated in
Table 6.3. All fasteners are ASTM A325 high strength bolts with a diameter of
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Figure 6.2: Construction of extended end plate (EEP) connection.
31.75 mm. The beam anges and web are connected to the end-plate using 7.94
mm llet welds. For each EEP connection, the ultimate moment capacity Mu,
initial stiness Rki, and the shape parameter n of the three-parameter model (see
Section 5.3.2) are listed in Table 6.4. The stiness ratios (RkiLb=EIb) and strength
ratios (Mu=Mp) are also given in Table 6.4.
6.1.2.2 Top and seat with double-web angle connections
Two TSD connections are considered for each series of baseline frame. Figure
6.3 shows the construction of the TSD connections. For each frame, two sets of
connection parameters are considered for comparison purpose, denoted by TSD1
and TSD2 respectively. The connection details are provided in Table 6.5. All
fasteners are ASTM A325 high strength bolts. The yield stress of the angles is
248 MPa. The ultimate moment capacity and initial stiness of the connections
are summarised in Table 6.6. It can be seen that the TSD connections represent
partially restrained and partial strength (PR+PS).
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Table 6.3: Dimensions and properties of the EEP connections.
CASE TYPE Level
Plate
tep g c a Fy
(mm) (mm) (mm) (mm) (MPa)
Frame 1 EEP1 Level 1 41.91 150.37 101.60 50.80 448
Frame 2 EEP1 Level 1-3 80.01 130.81 101.60 60.96 448
Frame 3 EEP1 Level 1-2 14.73 201.17 76.20 50.80 345
Frame 4 EEP1
Level 1 80.01 110.49 101.60 66.04 345
Level 2 17.27 128.27 101.60 50.55 248
Frame 5
EEP1
Level 1 36.83 162.56 101.60 63.50 248
Level 2 19.05 158.50 101.60 50.55 248
Level 3 10.16 135.89 101.60 38.10 248
Level 4-5 20.32 132.08 101.60 51.56 248
Level 6 10.16 109.22 101.60 50.29 248
EEP2
Level 1 53.34 147.32 101.60 66.04 248
Level 2 33.02 153.16 101.60 50.55 248
Level 3 22.10 152.40 76.20 49.02 248
Level 4-5 31.50 132.33 101.60 51.56 248
Level 6 19.56 130.81 101.60 50.29 248
Frame 6 EEP1 Level 1-3 49.53 150.11 101.60 50.80 248
Table 6.4: Moment-rotation characteristics of the EEP connections.
Frame TYPE Level
Mu Rki n
Mu
Mp
RkiLb
EIb
Category
(kN.m) (kN.m/rad)
Frame 1 EEP1 Level 1 337 185079 1.05 0.90 18 PR,PS
Frame 2 EEP1 Level 1-3 1124 606164 1.05 0.90 18 PR,PS
Frame 3 EEP1 Level 1-2 1117 370661 1.05 0.90 18 PR,PS
Frame 4 EEP1
Level 1 370 157275 1.05 0.90 18 PR,PS
Level 2 122 39122 1.05 0.90 18 PR,PS
Frame 5
EEP1
Level 1 276 138744 1.05 0.90 18 PR,PS
Level 2 215 97595 1.05 0.90 18 PR,PS
Level 3 170 70602 1.05 0.90 18 PR,PS
Level 4-5 133 50123 1.05 0.90 18 PR,PS
Level 6 78 23346 1.05 0.90 18 PR,PS
EEP2
Level 1 307 192700 1.05 1.00 25 FR,FS
Level 2 239 135548 1.05 1.00 25 FR,FS
Level 3 189 98058 1.05 1.00 25 FR,FS
Level 4-5 148 69615 1.05 1.00 25 FR,FS
Level 6 86 32425 1.05 1.00 25 FR,FS
Frame 6 EEP1 Level 1-3 337 161944 1.05 0.90 18 PR,PS
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Figure 6.3: Construction of top and seat with double web angle (TSD) connection.
Table 6.5: Dimensions and properties of the TSD connections.
Frame TYPE Level
Top and Seat angle Web angle Bolts
size
lt gt' size
lp gc Diameter
(mm) (mm) (mm) (mm) (mm)
Frame 1
TSD1 Level 1 L643/8 139.70 44.45 L43.51/4 215.90 65.89 31.75
TSD2 Level 1 L641/2 144.78 48.26 L43.51/4 215.90 65.89 31.75
Frame 2
TSD1 Level 1-3 L647/8 342.90 76.20 L43.51/4 215.90 65.89 31.75
TSD2 Level 1-3 L661 342.90 88.90 L661 254.00 76.20 31.75
Frame 3
TSD1 Level 1-2 L641/2 215.90 60.96 L43.51/4 215.90 65.89 31.75
TSD2 Level 1-2 L645/8 279.40 68.58 L43.51/4 215.90 65.89 31.75
Frame 4
TSD1
Level 1 L647/16 152.40 53.34 L43.51/4 215.90 65.89 31.75
Level 2 L43.51/4 139.70 45.72 L43.51/4 215.90 65.89 31.75
TSD2
Level 1 L641/2 203.20 57.15 L43.51/4 215.90 65.89 31.75
Level 2 L645/16 165.10 50.80 L43.51/4 215.90 65.89 31.75
Frame 4
TSD1
Level 1 L641/2 203.20 60.96 L43.51/4 215.90 65.89 31.75
Level 2 L641/2 177.80 63.50 L43.51/4 215.90 65.89 31.75
Level 3 L643/8 254.00 63.50 L43.51/4 215.90 65.89 31.75
Level 4-5 L643/8 203.20 63.50 L43.51/4 215.90 65.89 31.75
Level 6 L645/16 152.40 63.50 L43.51/4 215.90 65.89 31.75
TSD2
Level 1 L649/16 254.00 63.50 L43.51/4 215.90 65.89 31.75
Level 2 L645/8 177.80 71.12 L43.51/4 215.90 65.89 31.75
Level 3 L649/16 152.40 66.04 L43.51/4 215.90 65.89 31.75
Level 4-5 L641/2 152.40 66.04 L43.51/4 215.90 65.89 31.75
Level 6 L643/8 152.40 63.50 L43.51/4 215.90 65.89 31.75
Frame 6
TSD1 Level 1-3 L649/16 254.00 63.50 L43.51/4 215.90 65.89 31.75
TSD2 Level 1-3 L645/8 254.00 63.50 L43.51/4 215.90 65.89 31.75
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Table 6.6: Moment-rotation characteristics of the TSD connections.
Level TYPE Level
Mu Rki n
Mu
Mp
RkiLb
EIb
Category
(kN.m) (kN.m/rad)
Frame 1
TSD1 Level 1 94 76745 0.827 0.25 7.5 PR,PS
TSD2 Level 1 125 123386 0.827 0.33 12.0 PR,PS
Frame 2
TSD1 Level 1-3 624 269406 0.947 0.50 8.0 PR,PS
TSD2 Level 1-3 874 404109 0.905 0.70 12.0 PR,PS
Frame 3
TSD1 Level 1-2 248 164738 0.827 0.20 8.0 PR,PS
TSD2 Level 1-2 372 247107 0.827 0.30 12.0 PR,PS
Frame 4
TSD1
Level 1 103 65216 0.889 0.25 7.5 PR,PS
Level 2 34 16222 1.058 0.25 7.5 PR,PS
TSD2
Level 1 172 100801 0.827 0.42 11.5 PR,PS
Level 2 57 25074 0.930 0.42 11.5 PR,PS
Frame 5
TSD1
Level 1 154 61664 0.991 0.50 8.0 PR,PS
Level 2 120 43375 1.053 0.50 8.0 PR,PS
Level 3 94 31379 1.106 0.50 8.0 PR,PS
Level 4-5 74 22277 1.164 0.50 8.0 PR,PS
Level 6 43 10376 1.302 0.50 8.0 PR,PS
TSD2
Level 1 215 88924 0.973 0.70 11.5 PR,PS
Level 2 168 62551 1.035 0.70 11.5 PR,PS
Level 3 132 45250 1.088 0.70 11.5 PR,PS
Level 4-5 103 32125 1.146 0.70 11.5 PR,PS
Level 6 60 14963 1.284 0.70 11.5 PR,PS
Frame 6
TSD1 Level 1-3 187 89969 0.882 0.50 10.0 PR,PS
TSD2 Level 1-3 262 125956 0.882 0.70 14.0 PR,PS
Column
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gc
Figure 6.4: Construction of double web angle (DW) connection.
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6.1.2.3 Double-web angle connections
The construction of the double-web angel connection is demonstrated in Fig. 6.4.
The connection details are provided in Table 6.7. The moment capacity Mu,
initial stiness Rki, strength ratio, and stiness ratio of the DW connections are
presented in Table 6.8. The DW angles considered include the following two cases,
which are applied to all frames in the following analyses.
 DW1: represents a simple connection.
 DW2: represents partially restrained and partial strength.
Table 6.7: Dimensions and properties of the DW connections.
Frame TYPE Level
Web angle Bolt
size lp (mm) gc (mm) Diameter (mm)
Frame 1
DW1 Level 1 L643/8 215.90 53.34 31.75
DW2 Level 1 L641/2 254.00 60.45 31.75
Frame 2
DW1 Level 1-3 L661 292.10 93.98 31.75
DW2 Level 1-3 L661 406.40 93.98 31.75
Frame 3
DW1 Level 1-2 L647/8 215.90 81.28 31.75
DW2 Level 1-2 L647/8 292.10 81.28 31.75
Frame 4
DW1
Level 1 L643/8 215.90 53.34 31.75
Level 2 L645/16 152.40 52.07 31.75
DW2
Level 1 L641/2 254.00 60.96 31.75
Level 2 L643/8 165.10 53.34 31.75
Frame 5
DW1
Level 1 L643/8 279.40 60.96 31.75
Level 2 L643/8 254.00 60.96 31.75
Level 3 L643/8 228.60 60.96 31.75
Level 4-5 L643/8 198.12 60.96 31.75
Level 6 L645/16 152.40 50.80 31.75
DW2
Level 1 L641/2 279.40 64.77 31.75
Level 2 L641/2 241.30 64.77 31.75
Level 3 L641/2 215.90 63.50 31.75
Level 4-5 L643/8 228.60 58.42 31.75
Level 6 L643/8 177.80 58.42 31.75
Frame 6
DW1 Level 1-3 L641/2 254.00 68.58 31.75
DW2 Level 1-3 L645/8 304.80 68.58 31.75
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Table 6.8: Moment-rotation characteristics of the DW connections .
CASE TYPE Level
Mu Rki n
Mu
Mp
RkiLb
EIb
Category
(kN.m) (kN.m/rad)
Frame 1
DW1 Level 1 37 20564 0.573 0.10 2.0 SIMPLE
DW2 Level 1 75 41129 0.573 0.20 4.0 PR,PS
Frame 2
DW1 Level 1-3 250 67352 0.738 0.20 2.0 SIMPLE
DW2 Level 1-3 499 134703 0.738 0.40 4.0 PR,PS
Frame 3
DW1 Level 1-2 124 41185 0.619 0.10 2.0 SIMPLE
DW2 Level 1-2 186 82369 0.573 0.15 4.0 PR,PS
Frame 4
DW1
Level 1 41 17475 0.570 0.10 2.0 SIMPLE
Level 2 14 4347 0.640 0.10 2.0 SIMPLE
DW2
Level 1 82 34950 0.570 0.20 4.0 PR,PS
Level 2 27 8694 0.640 0.20 4.0 PR,PS
Frame 5
DW1
Level 1 61 15416 0.780 0.20 2.0 SIMPLE
Level 2 48 10844 0.839 0.20 2.0 SIMPLE
Level 3 38 7845 0.889 0.20 2.0 SIMPLE
Level 4-5 30 5569 0.943 0.20 2.0 SIMPLE
Level 6 17 2594 1.074 0.20 2.0 SIMPLE
DW2
Level 1 92 30832 0.614 0.30 4.0 PR,PS
Level 2 72 21688 0.674 0.30 4.0 PR,PS
Level 3 57 15689 0.723 0.30 4.0 PR,PS
Level 4-5 44 11138 0.778 0.30 4.0 PR,PS
Level 6 26 5188 0.908 0.30 4.0 PR,PS
Frame 6
DW1 Level 1-3 75 17994 0.804 0.20 2.0 SIMPLE
DW2 Level 1-3 150 53981 0.572 0.40 6.0 PR,PS
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6.1.3 Advanced analysis model
Advanced analysis models for the six series of frames are established using the
software OpenSees following the methodology as presented in Section 2.2, where
the details about the advanced analysis, including the modelling aspects and sys-
tem limit criteria can be found. As independent checks, the structural analyses
were also performed using another software Strand 7. In general, the results from
the OpenSees and Strand 7 agree very well.
Since the advanced analysis is a plastic-zone type of analysis, it is not straight-
forward to dene the formation of a plastic hinge. In this study, a section is
considered as \fully yielded" if the yield ratio of the cross-section is 75% or more.
If the section is partially yielded and the yield ratio is less than 75%, it is dened
as \partially yielded". In the following discussion of the results, the following
nomenclature is used to represent the failure modes: B = beam, C = column, PY
= partially yielded, and FY = fully yielded. For example, \BFY-CPY" denotes
that beam(s) has fully yielded and column(s) is partially yielded.
6.1.4 Validation of analysis models
The validity of the analysis models used in this thesis is examined in this section
with some benchmark problems. The rst benchmark model is from Sakurai et al.
(2001), where a one-bay ve-storey frame was studied, as shown in Fig. 6.5. The
yield strength and Young's Modules are 248 MPa and 200GPa respectively. The
connection type is TSD, with the three key parameters being Mu = 313 kN.m,
Rki = 234; 501 kN.m/rad, and n = 0:827, respectively. The residual stress was
not considered in this frame. The displacements at the nodal points for the frame
were obtained from Sakurai et al. (2001) and are presented in Fig. 6.6. The nodal
displacements obtained in the present study are also plotted in Fig. 6.6. The two
results agree well.
The second benchmark is the Vogel Frame shown in Fig. 6.7, as adopted from
Nguyen and Kim (2014). The initial out-of-plumbness angle is set as 1/450. The
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Figure 6.5: Benchmark Frame 1: a one-bay ve-storey frame studied by Sakurai
et al. (2001).
Young's modulus and the yield stress of the steel are 205 GPa and 235 MPa. The
beam-to-column connections are single web angle connections, with the three key
parameters being Mu = 17 kN.m, Rki = 5; 441 kN.m/rad, and n = 0:8, respec-
tively. The relationship between the load factor and the horizontal displacements
from Nguyen and Kim (2014) is shown in Fig. 6.8 for the cases of rigid connection
and semi-rigid connection, respectively. The results from the present study are
also presented in Fig. 6.8. The consistency between the results again demonstrates
the accuracy of the analysis models in the present study.
6.2 Design strengths of the frames
For each frame, its design strengths given by the DDM and the conventional AISC-
LRFD are computed and compared. The methodology is similar to that used in
Section 4.2. The design strength of a frame refers to the maximum loads the frame
can support. For the DDM, the design strength is expressed as
design strength = s  n  (W;N) = D  (W;N); (6.4)
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Figure 6.6: Displacements at nodal points for the benchmark frame 1. (a) Hori-
zontal displacement. (b) Inter-storey drift.
in which s is the system resistance factor, n represents the ultimate applied
load ratio given by the advanced analysis using the nominal values of structural
material and geometric properties, and (W;N) represents the reference loads for
the frame shown in Table 6.2. The method of the DDM is further discussed in
Section 6.2.1.
For the AISC LRFDmethod, the frames are analyzed using second-order elastic
method. At a certain applied load ratio, the internal actions from the analysis are
used to check the safety of individual members (beams, columns and connections).
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Figure 6.7: Benchmark Frame 2: a two-bay six-storey frame (Vogel frame) studied
by Nguyen and Kim (2014).
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Figure 6.8: Relationship between the load factor and the horizontal displacements
of the benchmark frame 2.
Note in this procedure, the resistance factors are applied to the member strength
(e.g., b = 0:9 for exural members,  = 0:75 for fasteners). By trial-and-error,
the maximum applied load ratio permitted by the LRFD, denoted by e, can be
determined such that one member (or several members simultaneously) has just
reached its LRFD limit state. Thus, the maximum loads the frame is permitted
to support is
design strength = e  (W;N): (6.5)
6.2.1 DDM for semi-rigid frames
Ideally, the DDM should cover the complete set of limit states, including those as-
sociated with the connections. However, at present, it is not a practical proposition
to model each component of connections in routine design to cover the relevant
limit states of connections. Rather, a connection model that captures the stiness
and strength at member action level (connection moment-rotation relationship) is
appropriate. Therefore, in the current DDM of semi-rigid frames, one needs to 1)
verify the overall structural integrity of the frame, and 2) check the adequacy of
individual connections according to the specication.
For each frame considered, its ultimate design strength predicted by the DDM
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is obtained as follows:
Step 1. Develop the nonlinear structural analysis model using the nominal values of
member material and geometric properties, and nominal values of connection
stiness and moment capacity.
Step 2. Apply the reference loads (W;N) as shown in Table 6.2.
Step 3. Perform advanced analysis by incrementally and proportionally scaling the
reference loads by a load scaling factor . The loads are increased until
system collapse. The limit load scaling factor is denoted by n.
Step 4. Check the capacities of each connections per AISC-LRFD, based on the
internal actions determined by the advanced analysis at the applied load level
corresponding to n. Note that in checking the capacities of the connections,
the current resistance factor for connection design stipulated in AISC LRFD
is used, e.g.,  = 0:75 for tensile strength of bolts.
Step 5. If all connections are safe, then the ultimate design strength of the frame is
sn  (W;N), in which s is the system resistance factor used in the DDM,
and (W;N) denotes the reference loads (wind and gravity loads). If there
are connections failed, then the ultimate load ratio needs to be gradually
reduced until all connections satisfy the limit state check.
6.2.2 Design check of connections per LRFD
In both the DDM and AISC LRFD methods, connections are checked according to
Chapter J (design of connections) of AISC 360-16 (2016). For TSD and DW con-
nections, the following limit states need to be checked: (1) detailing requirements,
e.g., size and use of holes, the maximum size of holes for bolts, minimum spacing
between holes, etc. (J3.2-J3.5); (2) shear strength of bolts; (3) bearing strength of
bolts; (4) tensile strength of bolts; (5) tensile strength of bolts subjected to com-
bined tension and shear; (6) bearing strength at bolt holes; (7) strength of angels
in tension; (8) strength of angles in shear; and (9) bearing strength of angles.
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According to Murray and Sumner (2003), the design of beam-to-column end-
plate connections needs to check: (1) Flexural yielding of the end plate material
near the tension ange bolts. (2) Shear yielding of the end plate material. (3)
Shear rupture of an unstiened end plate through the outside bolt hole line. (4)
Bolt tension rupture. (5) Bolt shear rupture due to shear at the interface between
the end plate and column ange. (6) Plate bearing failure of end plate or column
ange at bolts. (7) Rupture of beam tension ange to end plate welds or beam web
tension region to end plate welds. (8) Shear yielding of beam web to end plate
weld or of beam web base metal. (9) Column web yielding opposite either the
tension or compression anges of the connected beam. (10) Column web crippling
opposite the compression ange of the connected beam. (11) Column web buckling
opposite the compression ange of the connected beam. (12) Flexural yielding of
the column ange in the vicinity of the tension bolts. As with exural yielding of
the end plate, this limit state in itself is not limiting but results in rapid increases
in tension bolt forces and excessive rotation at the connection. (13) Column
transverse stiener (continuity plate) failure due to yielding, local buckling, or
weld failure. (14) Column panel zone failure due to shear yielding or web plate
buckling.
6.2.3 System strengths by the DDM
According to Eqs. (6.4) and (6.5), the design strength of a frame is sn  (W;N)
in the DDM, and e  (W;N) in LRFD. For simplicity of notation, let D = sn.
Thus, the discrepancy between D and e represents the dierence between the
DDM and LRFD.
With the DDM, it is found that the system strengths of all the six frame series
are not governed by the connections. Rather, the controlling limit state is system
collapse. Table 6.9 presents the (unfactored) ultimate applied load ratio n for
each of the frames at the limit state of incipient collapse. The connections were
checked using the internal actions at the applied loads n(W;N). For a connection,
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the demand-to-capacity factor, denoted by , is dened as
 =
P
iQni
Rn
; (6.6)
in which
P
iQni represents the load eects from the relevant load combination
(i.e., required strength, or demand), and Rn is the design strength (capacity) of
the connection (considering all relevant limit states). Clearly, an  greater than
1.0 represen ts failure. For each of the six series of frames, the  value for the most
critical connection throughout the frame is presented in Table 6.10. It can be seen
that the  values are all less than 1.0, conrming that the system strengths are
not governed by the connections.
Table 6.9: Ultimate applied load ratios (unfactored) n associated with the refer-
ence loads (W;N) of Table 6.2.
Frame WT/GT EEP1 EEP2 TSD1 TSD2 DW1 DW2
Frame 1
0.10 2.57 { 1.86 2.30 0.65 1.24
0.15 1.97 { 1.36 1.78 0.48 0.91
0.20 1.58 { 1.07 1.42 0.38 0.73
Frame 2
0.10 4.72 { 4.52 4.67 2.92 3.91
0.15 3.83 { 3.59 3.76 2.18 3.00
0.20 3.21 { 2.94 3.15 1.74 2.43
Frame 3
0.10 1.42 { 0.84 1.12 0.39 0.54
0.15 1.10 { 0.63 0.86 0.29 0.40
0.20 0.88 { 0.50 0.70 0.23 0.32
Frame 4
0.10 1.09 { 1.02 1.06 0.69 0.89
0.15 0.83 { 0.79 0.81 0.51 0.66
0.20 0.66 { 0.64 0.66 0.40 0.53
Frame 5
0.10 0.66 0.69 0.47 0.58 0.24 0.30
0.15 0.51 0.53 0.35 0.43 0.18 0.22
0.20 0.41 0.43 0.28 0.34 0.15 0.18
Frame 6
0.10 2.94 { 2.56 2.74 2.22 2.36
0.15 2.47 { 2.17 2.31 1.74 1.92
0.20 2.12 { 1.81 1.97 1.39 1.55
The design strength for a particular frame is sn(W;N), depending on the
system resistance factor s adopted. For instance, for Frame 3-EEP1 under a wind-
to-gravity load ratioWT=GT = 0:15, the ultimate applied load ratio is n = 1:095.
If a system resistance factor of 0.90 is adopted, then the maximum loads the frame
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Table 6.10: Demand-to-capacity ratios for connections at system incipient collapse.
Frame WT/GT EEP1 EEP2 TSD1 TSD2 DW1 DW2
Frame 1
0.10 0.48 { 0.33 0.44 0.16 0.24
0.15 0.49 { 0.35 0.46 0.19 0.25
0.20 0.51 { 0.38 0.45 0.22 0.27
Frame 2
0.10 0.76 { 0.65 0.71 0.47 0.51
0.15 0.78 { 0.66 0.72 0.48 0.52
0.20 0.81 { 0.67 0.73 0.48 0.52
Frame 3
0.10 0.66 { 0.51 0.57 0.23 0.37
0.15 0.69 { 0.52 0.57 0.24 0.37
0.20 0.73 { 0.52 0.58 0.24 0.37
Frame 4
0.10 0.67 { 0.38 0.46 0.22 0.32
0.15 0.74 { 0.39 0.48 0.23 0.33
0.20 0.85 { 0.40 0.51 0.26 0.35
Frame 5
0.10 0.75 0.77 0.44 0.56 0.21 0.29
0.15 0.76 0.88 0.47 0.59 0.22 0.30
0.20 0.76 0.90 0.50 0.63 0.23 0.31
Frame 6
0.10 0.86 { 0.56 0.64 0.29 0.34
0.15 0.88 { 0.56 0.64 0.29 0.35
0.20 0.89 { 0.58 0.64 0.30 0.35
can withstand are
sn  (W;N) = 0:90 1:095  (108:89kN; 35:03kN=m) = (107:31kN; 34:52kN=m):
Thus the frame can support a nominal wind loadWn of 107.31 kN, with a uniformly
distributed gravity load (1:2Dn + 0:5Ln) of 34.52 kN/m. Since Ln = 1:5Dn, it
follows Dn=17.70 kN/m, and Ln=26.56 kN/m. If the system resistance factor is
taken as 0.85, the maximum structural loads that can be applied to the frame are:
Wn = 101:35 kN, Dn =16.72 kN/m, and Ln = 25.08 kN/m.
The failure modes for the six frame series obtained in the DDM are presented in
Table 6.11 for the case of EEP,TSD and DW connections. From Table 6.11, it can
be seen that in certain cases the system failure modes change with the connections.
For instance, at a wind-to-gravity load ratio WT=GT of 0.10, Frame 5-TSD1 has a
failure mode of CFY, while Frame 5-EEP2 has a failure mode of BFY-CFY. Note
that TSD1 of Frame 5 is \partially restrained with partial strength", and EEP2
of Frame 5 is \fully restrained with full strength".
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Table 6.11: Failure modes of the frames with EEP, TSD and DW connections.
Frame WT /GT EEP1 EEP2 TSD1 TSD2 DW1 DW2
Frame 1
0.10 CFY { CFY CFY CFY CFY
0.15 CFY { CFY CFY CFY CFY
0.20 CFY { CFY CFY CFY CFY
Frame 2
0.10 CFY { CFY CFY CFY CFY
0.15 CFY { CFY CFY CFY CFY
0.20 CFY { CFY CFY CFY CFY
Frame 3
0.10 CFY { CFY CFY CFY CFY
0.15 CFY { CFY CFY CFY CFY
0.20 CFY { CFY CFY CFY CFY
Frame 4
0.10 CFY { CFY CFY CFY CFY
0.15 CFY { CFY CFY CFY CFY
0.20 CFY { CFY CFY CFY CFY
Frame 5
0.10 BFY-CFY BFY-CFY CFY BFY-CFY CFY CFY
0.15 BFY-CFY BFY-CFY CFY BFY-CFY CFY CFY
0.20 BFY-CFY BFY-CFY CFY BFY-CFY CFY CFY
Frame 6
0.10 CFY { BPY-CPY BFY-CFY BFY-CFY BFY-CFY
0.15 CFY { CFY CFY CFY CFY
0.20 CFY { CFY CFY CFY CFY
Table 6.11 also demonstrates that the system failure modes may be inuenced
by the wind-to-gravity load ratio. Take Frame 6-DW1 as an example, its fail-
ure modes are BFY-CFY for WT=GT = 0:10, and CFY for WT=GT = 0:15 and
WT=GT = 0:20.
6.2.4 Comparison of the DDM and LRFD
Table 6.12 presents the frame strengths (e) given by LRFD. To compare the
DDM and LRFD, the ratio of D=e for the six series of frames are presented in
Table 6.13, in which D = 0:90n assuming a system resistance factor s of 0.90
for the DDM, and n are given in Table 6.9.
From Table 6.13, it can be seen that D=e ratios are greater than 1.0 for
all the frames. This shows that if the DDM adopts a system resistance factor of
0.9, the design strengths given by the DDM are always greater than those given
by AISC LRFD. This also implies that, under given design loads, the DDM can
produce more economic design solutions than LRFD.
Table 6.13 also demonstrates that the discrepancies between the DDM and
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Table 6.12: Ultimate load ratios e associated with the reference loads (W;N) of
Table 6.2.
Frame WT /GT EEP1 EEP2 TSD1 TSD2 DW1 DW2
Frame 1
0.10 2.12 { 1.53 1.90 0.55 1.03
0.15 1.62 { 1.13 1.49 0.40 0.75
0.20 1.31 { 0.89 1.17 0.31 0.60
Frame 2
0.10 3.94 { 3.69 3.85 2.46 3.26
0.15 3.11 { 2.84 2.97 1.75 2.43
0.20 2.49 { 2.25 2.38 1.31 1.85
Frame 3
0.10 1.16 { 0.70 0.91 0.32 0.44
0.15 0.89 { 0.51 0.70 0.24 0.33
0.20 0.70 { 0.40 0.56 0.19 0.26
Frame 4
0.10 0.93 { 0.89 0.91 0.58 0.75
0.15 0.70 { 0.66 0.69 0.43 0.55
0.20 0.56 { 0.54 0.55 0.33 0.44
Frame 5
0.10 0.51 0.52 0.37 0.45 0.21 0.25
0.15 0.39 0.40 0.27 0.34 0.15 0.19
0.20 0.30 0.33 0.21 0.27 0.12 0.15
Frame 6
0.10 2.20 { 1.94 2.07 1.72 1.85
0.15 1.78 { 1.61 1.72 1.34 1.49
0.20 1.53 { 1.33 1.47 1.08 1.21
Table 6.13: Comparison of the DDM (s = 0:9) and LRFD: ratio of D=e.
Frame WT/GT EEP1 EEP2 TSD1 TSD2 DW1 DW2
Frame 1
0.10 1.09 { 1.09 1.09 1.07 1.08
0.15 1.09 { 1.08 1.08 1.08 1.09
0.20 1.08 { 1.08 1.09 1.08 1.09
Frame 2
0.10 1.08 { 1.10 1.09 1.07 1.08
0.15 1.11 { 1.14 1.14 1.12 1.11
0.20 1.16 { 1.17 1.19 1.19 1.18
Frame 3
0.10 1.10 { 1.09 1.10 1.08 1.09
0.15 1.11 { 1.10 1.10 1.09 1.08
0.20 1.13 { 1.11 1.12 1.09 1.09
Frame 4
0.10 1.05 { 1.04 1.05 1.07 1.07
0.15 1.06 { 1.07 1.06 1.07 1.08
0.20 1.07 { 1.06 1.07 1.09 1.09
Frame 5
0.10 1.18 1.20 1.15 1.16 1.07 1.08
0.15 1.18 1.21 1.17 1.15 1.09 1.07
0.20 1.20 1.20 1.16 1.15 1.09 1.10
Frame 6
0.10 1.20 { 1.19 1.19 1.16 1.15
0.15 1.25 { 1.21 1.21 1.17 1.16
0.20 1.25 { 1.22 1.21 1.16 1.15
Note: D = sn = 0:9n.
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LRFD (D versus e) may depend on the frame, its connection type, and wind-
to-gravity load ratio WT=GT . AISC LRFD is based on a rst-hinge criterion.
On the other hand, the DDM takes advantage of the remaining strength after
the formation of rst hinge to sustain further loading. Essentially, the dierence
between D and e depends on the degree of inelastic load redistribution of the
frame, which may depend on the structural redundancy, connection stiness and
loading situation. The ratio of D=e is larger for structures exhibiting a greater
capability of load redistribution.
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Figure 6.9: Frame 1-TSD1 (WT=GT = 0:15): (a) load versus roof displacement;
(b) sequence of plastic hinges and section yield ratios of the highly yielded zones
at ultimate limit.
Frame 1 is a simple portal frame with limited redundancy. The D=e ratios
are quite consistent, approximately 1.08 for all three connection types andWT=GT
ratios. Take Frame 1-TSD1 under WT=GT = 0:15 for example. Figure 6.9 shows
the (unfactored) applied load ratio ()-roof drift curve and the locations of highly
yielded zones at the ultimate limit state. As can be seen in Figure 6.9(b), two
plastic hinges formed at system collapse. Let i denote the load scaling factor
when the ith plastic hinge occurs. Figure 6.9 (a) shows the load scaling factors
corresponding to the two plastic hinges; the rst plastic hinge occurred at a load
scaling factor 1 = 1:26, and the second hinge occurred at 2 = 1:36. Note that
2=1 = 1:08. In LRFD, the ultimate load ratio e for this case is 1.13, which
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is the same value of the factored load scaling factor s1 = 0:91 = 1:13 in the
DDM when the rst plastic hinge occurs. This again conrms that LRFD strength
corresponds to the rst-hinge formation.
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Figure 6.10: Frame 2-TSD1 (WT=GT = 0:1): (a) load versus roof displacement;
(b) sequence of plastic hinges and section yield ratios of the highly yielded zones
at ultimate limit.
(2) 
0.0
0.5
1.0
1.5
2.0
2.5
3.0
3.5
4.0
0 100 200 300 400 500
?
Roof drift: (mm)
(2)79.0%
C2
(a) (b)
C1
(3)79.0%
(1)79.0%
(1) 
(4) 
(4)97.4%
(3) 
?
1 
= 3.16
?
2 
= 3.30
?
3 
= 3.50
?
4 
= 3.59 
C4C3
Figure 6.11: Frame 2-TSD1 (WT=GT = 0:15): (a) load versus roof displacement;
(b) sequence of plastic hinges and section yield ratios of the highly yielded zones
at ultimate limit.
For Frame 2 series, it is found that D=e is weakly related to the connec-
tion type, but strongly depends on wind-to-gravity load ratio WT=GT , which is
not observed in Frame 1 and Frame 2. Take Frame 2-TSD1 as example. The
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Figure 6.12: Frame 2-TSD1 (WT=GT = 0:2): (a) load versus roof displacement;
(b) sequence of plastic hinges and section yield ratios of the highly yielded zones
at ultimate limit.
D=e ratios are 1.10, 1.14 and 1.17 for WT=GT of 0.10, 0.15 and 0.20, respec-
tively. Figures 6.10, 6.11 and 6.12 show the unfactored applied load ratio ()-roof
displacement curves, locations of plastic hinges, the sequence of the hinges and
the corresponding load scaling factors for the three cases of WT=GT , respectively.
In the case of small wind load (WT=GT = 0:1), the two columns (C1-2) devel-
oped two plastic hinges. On the other hand, when the lateral wind load is large
(WT=GT = 0:2), four plastic hinges developed as shown in Fig. 6.12(a), with
4=1=1.17. This comparison suggests that inelastic load redistribution is more
signicant in WT=GT = 0:2 than in WT=GT = 0:1.
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Figure 6.13: Frame 3-TSD1 (WT=GT = 0:15): (a) load versus roof displacement;
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For Frame 3 series, the D=e ratios are close to unity for all connection types
and WT=GT ratios. D=e varies between 1.08 and 1.13, with an average value of
approximately 1.10. This suggests that the design strengths given by the DDM and
LRFD are close to each other. Consider Frame 3-TSD1 under WT=GT = 0:15.
Figure 6.13 shows the three plastic hinges, the sequence of the hinges and the
load scaling factors corresponding to the three hinges. It can be seen that three
plastic hinges developed in the columns, at 1 = 0:57, 2 = 0:59, and 3 = 0:63,
respectively. Note that 3=1 = 1:10, suggesting that the last two hinges developed
soon after the rst hinge, allowing little inelastic load redistribution. This explains
why the dierence between the DDM and LRFD is only minor. It is also found
that s1 = 0:9  0:57 = 0:51 equals to e = 0:51 of LRFD, conrming that the
system limit state of LRFD method is the occurrence of rst plastic hinge.
Frame 4 series exhibit similar characteristics as in Frame 1, although the frame
is four-bay two-storey, having much more redundancy than Frame 1. The strengths
given by the DDM are only marginally higher than those by LRFD, with a typical
D=e of 1.07. D=e appears to be independent of connection type. Frame 4-
DW1 subject to WT=GT = 0:15 is taken to demonstrate the overall behavior of
Frame 4 series. The unfactored load ratio ()- roof displacement curves, locations
of plastic hinges, the sequence of the hinges and the corresponding load scaling
factors are plotted in Figure 6.14. It can be seen that although the frame is quite
redundant with ve plastic hinges developed at ultimate state, the rst hinge at
the bottom of the ground level column (C1) was formed; soon after that, four
hinges developed simultaneously at the bottom of the other four columns (C2-
5). The addtional strength from the formation of rst hinge to the ve hinge is
acutally quite small. Note that the factored 1 (s1 = 0:9  0:48 = 0:43) agrees
with the LRFD strength e of 0.43.
For Frame 5 series, it appears that D=e is not aected by WT=GT ratios.
Rather, it strongly depends on the connection types of the frames. The D-to-e
ratios vary in between 1.15 to 1.21 for EEP connections and TSD connections,
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but signicantly smaller in the case of DW connections, around 1.08. Take Frame
5-EEP2 and Frame 5-DW2 as examples. The WT=GT ratio of 0.15 is considered.
Figures 6.15 and 6.16 plot the load-displacement curves, locations of plastic hinges,
the sequence of the hinges and the corresponding load scaling factors for Frame
5-EEP2 and Frame 5-DW2, respectively. Note that in Frame 5-EEP2, the beam-
to-column connections are fully restrained with full strength. Because of the strong
stiness and strength of EEP2, inelastic load redistribution is signicant and nine
plastic hinges are developed, with 9=1 = 1:2. This is the reason why the strength
given by the DDM is signicantly (20%) higher than that by LRFD. In Frame5-
DW2, the beam-to-column connections have much smaller stiness and strength
compared to EEP2. The rst hinge occurred at 1 of 0.21; soon one additional
hinge was formed at the load scaling factor of 0.22. The two hinges were developed
essentially simultaneously. A very little remaining strength was gained after the
rst plastic hinge. Therefore, the frame strengths given by the DDM and LRFD
are relatively close to each other.
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Figure 6.17: Frame 6-DW2 (WT=GT = 0:15): (a) load versus roof displacement;
(b) sequence of plastic hinges and section yield ratios of the highly yielded zones
at ultimate limit.
In the case of Frame 6, for all three connections, the strengths given by the
DDM are signicantly higher than those by LRFD. The ratios D=e are largest
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for EEP connections, around 1.25, followed by TSD connections, with D=e ap-
proximately 1.20. Even for the weakest connection DW, the D=e ratios are
about 1.16. It also appears that D=e is independent of WT=GT . By way of
example, the unfactored load ratio - roof displacement curves, locations of plastic
hinges, the sequence of the hinges and the corresponding load scaling factors for
Frame 6-DW2 subject to WT=GT of 0.15 are shown in Fig. 6.17. It can be seen
that the frame developed ve plastic hinges. The rst plastic hinge was formed at
1 = 1:66. After that, signicant inelastic load redistributions have occurred, and
four additional plastic hinges were developed. Finally, the frame reaches incipient
collapse limit state at 5 = 1:92.
6.3 Discussions
This chapter compares the design strengths of six series of semi-rigid frames, com-
puted by the DDM and LRFD. It was found that for all frames, the strengths
given by the DDM (D) are greater than those predicted by LRFD (e). The
discrepancy between the two methods depends on the structure's behavior of in-
elastic load redistribution, which may be aected by a number factors, including
connection stiness (e.g. as observed in Frame 5), and wind-to-gravity load ratio
WT=GT (e.g., in Frame 2). Stier connections tend to facilitate load redistribu-
tion. The frame strength determined by LRFD is based on the formation of rst
plastic hinge, while the DDM utilizes the remaining strength after the formation of
rst hinge until system collapse. Therefore, the D=e ratio is larger for structures
with greater capacities of load redistribution.
Noted that a frame with more redundancy does not necessarily gain more
strength from load redistribution. This can be seen, for example, from Frame
4-DW1, which is a four-bay two-storey frame with much more redundancy than
Frame 1. At the ultimate limit state of Frame 4-DW1 (under WT=GT = 0:15),
ve plastic hinges were developed. However, the rst hinge formed at the bottom
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of the ground level column (C1); and soon after that, four hinges developed si-
multaneously at the bottom of the other four ground level columns (C2-5). The
additional strength from the rst hinge to frame collapse is indeed quite small,
only 7%. Consequently, the frame strengths given by the DDM and LRFD are
quite similar.
It should be emphasized that aforementioned comparisons between the DDM
and LRFD is based on a system resistance factor s of 0.90, i.e., D = 0:9n.
Table 6.14 lists the ratios of D=e, in which D = 0:85n assuming a system
resistance factor of 0.85 for the DDM. It can be seen that in most cases, D=e
are still greater than 1.0. For Frame 2 series, typically D=e is slightly less than
unity, but within 2-3%. This suggests that by using a system resistance factor of
0.85, overall the DDM is still able to achieve more economic design solutions than
the member-based design method LRFD. However, if a s = 0:8 is used, in many
cases the DDM becomes more conservative than LRFD, as shown in Table Table
6.15. In Chapter 7, system reliability calibrations are conducted to scientically
determine the appropriate value of s for the DDM.
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Table 6.14: Comparison of the DDM (s = 0:85) and LRFD: ratio of D=e.
Frame WT/GT EEP1 EEP2 TSD1 TSD2 DW1 DW2
Frame 1
0.10 1.03 { 1.03 1.03 1.01 1.02
0.15 1.03 { 1.02 1.02 1.02 1.03
0.20 1.02 { 1.02 1.03 1.02 1.03
Frame 2
0.10 1.02 { 1.04 1.03 1.01 1.02
0.15 1.05 { 1.07 1.08 1.06 1.05
0.20 1.10 { 1.11 1.12 1.12 1.11
Frame 3
0.10 1.04 { 1.03 1.04 1.02 1.03
0.15 1.05 { 1.04 1.04 1.03 1.02
0.20 1.07 { 1.05 1.06 1.03 1.03
Frame 4
0.10 0.99 { 0.98 0.99 1.01 1.01
0.15 1.00 { 1.01 1.00 1.01 1.02
0.20 1.01 { 1.00 1.01 1.03 1.03
Frame 5
0.10 1.11 1.13 1.09 1.10 1.01 1.02
0.15 1.11 1.14 1.11 1.09 1.03 1.01
0.20 1.13 1.13 1.10 1.09 1.03 1.04
Frame 6
00.10 1.13 { 1.12 1.12 1.10 1.09
0.15 1.18 { 1.14 1.14 1.11 1.10
0.20 1.18 { 1.15 1.14 1.10 1.09
Note: D = sn = 0:85n.
127
Table 6.15: Comparison of the DDM (s = 0:8) and LRFD: ratio of D=e.
Frame WT/GT EEP1 EEP2 TSD1 TSD2 DW1 DW2
Frame 1
0.10 0.97 { 0.97 0.97 0.95 0.96
0.15 0.97 { 0.96 0.96 0.96 0.97
0.20 0.96 { 0.96 0.97 0.96 0.97
Frame 2
0.10 0.96 { 0.98 0.97 0.95 0.96
0.15 0.99 { 1.01 1.01 1.00 0.99
0.20 1.03 { 1.04 1.06 1.06 1.05
Frame 3
0.10 0.98 { 0.97 0.98 0.96 0.97
0.15 0.99 { 0.98 0.98 0.97 0.96
0.20 1.00 { 0.99 1.00 0.97 0.97
Frame 4
0.10 0.93 { 0.92 0.93 0.95 0.95
0.15 0.94 { 0.95 0.94 0.95 0.96
0.20 0.95 { 0.94 0.95 0.97 0.97
Frame 5
0.10 1.05 1.07 1.02 1.03 0.95 0.96
0.15 1.05 1.08 1.04 1.02 0.97 0.95
0.20 1.07 1.07 1.03 1.02 0.97 0.98
Frame 6
0.10 1.07 { 1.06 1.06 1.03 1.02
0.15 1.11 { 1.08 1.08 1.04 1.03
0.20 1.11 { 1.08 1.08 1.03 1.02
Note: D = sn = 0:8n.
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CHAPTER 7
SYSTEM RELIABILITY CALIBRATIONS
FOR DDM OF FRAMES WITH PARTIALLY
RESTRAINED CONNECTIONS
In this chapter, the six series of model frames considered in Chapter 6 are used
as baseline frames to perform system reliability calibrations for the DDM of semi-
rigid steel frames. The two most common design load combinations are considered,
i.e., the combined wind and gravity loads, and gravity load combination. The
relationships between system resistance factor and system reliability index for the
six series of baseline frames are established for dierent types of connections, and
dierent loading scenarios (wind-to-gravity load ratio and live-to-dead load ratio).
7.1 Random variables in reliability calibration
The reliability assessments presented in this chapter consider the prevailing un-
certainties encountered in the DDM of semi-rigid frames, including yield stress
(Fy), modulus of elastic (E), cross-sectional properties (areal A, moment of in-
ertia I), frame out-of-plumbness angle (	), residual stress pattern factor (X),
connection properties (ultimate moment Mu and initial stiness Rki), dead load
(D), arbitrary-point-in-time live load Lapt, maximum live load (Lmax), maximum
wind load (Wmax), and the modeling uncertainty () of advanced analysis. Table
7.1 summarizes the stochastic models of these uncertain parameters. The detailed
discussion about these uncertainties can be found in other parts of the thesis; the
probabilistic models of the connection properties for the three types of connections
are presented in Chapter 5-Section 5.4.1 (see Tables 5.3 and 5.4). The distribu-
tions of other uncertain parameters are discussed in details in Chapter 3 (Section
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3.3 and 3.4).
Table 7.1: Descriptions of basic random variables.
Variable Mean COV Distribution
Fy 1.10Fyn 0.06 lognormal
E En 0.04 lognormal
A An 0.05 Normal
I In 0.05 Normal
	 1/770 0.875 lognormal
 1.0 0.05 Normal
X 1.05 0.2 Normal
D 1.05Dn 0.10 Normal
Lmax Ln 0.25 T1Largest
Lapt 0:24Ln 0.6 Gamma
Wmax 0:56Wn 0.37 T1Largest
Reliabilities of a system are aected by the individual random variables, as
well as their stochastic correlations. It is assumed that the material and geo-
metric properties (Fy, E, X, A and I) are perfectly correlated among dierent
columns, and among dierent beams. However, columns and beams are assumed
to be uncorrelated in terms of their random material and geometric properties.
This assumption of \partially correlated" is consistent with Chapter 4. The ran-
dom properties (initial stiness and moment capacity) of dierent connections in
a frame are assumed to be perfectly correlated. The wind loads applied at dif-
ferent oors are fully correlated. This is a reasonable assumption as the wind
load naturally acts on the entire frame. The dead loads on dierent oors are
perfectly correlated. Previous studies have shown that the system reliability of
a steel frame may be aected by the spatial correlation of oor live loads. The
assumption that the live loads on all oors are fully correlated led to a slightly
more conservative estimate of the system reliability than the assumption of spa-
tially uncorrelated/partially correlated live loads (Zhang and Rasmussen, 2013b).
In this study it is assumed that the live loads are fully correlated between oors.
130
7.2 Reliability analysis method under combined
gravity and wind loads
The direct Monte Carlo method is convenient for case studies of system reliability
evaluations due to its simplicity of implementation. For code calibration, however,
the direct Monte Carlo method is impractical due to its high computational cost,
as each simulation requires an advanced analysis. To overcome this diculty, a
simplied approach based on the concept of FORM was developed in Zhang et al.
(2016a), and is used in the present study. In this method, the probabilistic char-
acteristics of frame resistance is rstly estimated using simulation, then compared
with the loads to estimate the probability of failure.
Consider a frame under combined wind and gravity load combination in ASCE7
(2016). The frame is designed at its strength limit according to the DDM with a
given value of system resistance factor s, i.e.,
sRn = 1:2Dn +Wn + 0:5Ln: (7.1)
From an analysis point of view, the product of the ultimate applied load ratio,
n, and the system resistance factor s, is unity, i.e., n  s = 1:0. The pre-
sumption herein is that the frame is just at its strength limit under the considered
conditions. This presumption was taken previously in reliability calibrations for
member-based limit state design (Ellingwood et al., 1982). It should be noted
that in reality, frames are normally over-designed, with a strength exceeding the
required strength, i.e., sRn > 1:2Dn +Wn + 0:5Ln. Therefore, the system relia-
bilities would be higher than that determined according to Eq. (7.1).
The reliability analysis is to compute the probability of system failure (against
collapse) under the combined random loads D +Wmax + Lapt. Since in this load
combination, the wind load Wmax is the dominant variable load, the system limit
state function can be written as
G( ) = Rw  Wmax; (7.2)
in which Rw denotes the (ultimate) lateral resistance of the frame under the gravity
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loads D + Lapt. System failure occurs if the lateral strength of the frame is less
than the wind load Wmax. The statistics of the wind loadWmax is known from the
literature. Thus, the key issue is to determine the probabilistic model of structural
resistance Rw, which can be estimated using simulations by the following steps:
Step 1 Create a frame model with randomly sampled values of uncertain param-
eters (steel material properties, cross-sectional geometric properties, frame
out-of-plumbness, semi-rigid connection properties), and apply a randomly
generated dead load D and a random \arbitrary-point-in-time" live load
Lapt.
Step 2 Conduct an advanced analysis (push-over analysis) to compute the ultimate
lateral strength of the frame, Rw. Assuming the wind loads at dierent
levels are perfectly correlated (which is a reasonable assumption), the system
lateral resistance Rw can be expressed as Rw = R  Wn, the product of
Wn and the ultimate applied load ratio R. Modify the computed R by
multiplying a random modelling uncertainty  of the advanced analysis.
Note that R = Rw=Wn, in which Wn is the maximum nominal wind load
the frame can support. Thus, R can be considered as the \normalized"
lateral strength of the frame.
Step 3 Perform Steps 1 and 2 multiple times to get samples of R, based upon
which the empirical statistics (sample mean, sample standard deviation, dis-
tribution type) of R can then be obtained. The distribution type can be
determined using the goodness-of-t tests, and the distribution parameters
can be estimated using the method of moments, or the method of maximum
likelihood. These are standard statistic inference methods, and the details
can be found in many texts, e.g., Ang and Tang (1984).
Step 4 The limit state function in Eq. (7.2) becomes
G = Rw  Wmax =Wn(R  Wmax=Wn): (7.3)
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With the statics of R and Wmax=Wn known, the probability of failure can
be evaluated easily as the reliability computation involves only two known
random variables.
Step 1 can be best performed using the Latin Hypercube Sampling technique (see
Section 3.2.3) to improve the eciency of random sampling. Since the distribution
of the system resistance Rw is over its entire range, relatively few simulations are
required for Step 3, typically 100-500 (Melchers, 1999), to well capture the overall
probabilistic behaviour of RW . One could imagine that if only the lower tail
Rw is of interest, then a large number of samples for Rw would be desired to
accurately describe the tail behaviour of Rw. This fact signicantly improves the
computational eciency than computing Pf using the direct Monte Carlo method.
7.3 Reliability analysis method under gravity
loads only
The system reliability analysis under gravity loads only can be conducted using
a similar approach as introduced in Section 7.2. Consider a frame subjected to
gravity load combination in ASCE7 (2016). The frame is at its strength limit
according to the DDM, i.e.,
sRn = 1:2Dn + 1:6Ln: (7.4)
The reliability evaluation is based on the loads: D + Lmax. The probability of
frame collapse can be computed by the following steps:
Step 1 Create a frame model with randomly sampled values of uncertain parameters
(steel material properties, cross-sectional geometric properties, frame out-of-
plumbness, semi-rigid connection properties), and apply the reference load
N .
Step 2 Conduct an advanced analysis (push-down analysis) with the load  N , in
which  is a load scaling ratio. Push the frame to collapse to obtain the
ultimate applied load ratio R. Modify the computed R by multiplying a
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random modelling uncertainty  of the advanced analysis. Thus, the ultimate
gravity resistance of the frame, denoted by RG, is RG = R N .
Step 3 Perform Steps 1 and 2 multiple times to get samples of the gravity resis-
tance RG, based upon which the empirical statistics (sample mean, sample
standard deviation, distribution type) of RG can then be obtained.
Step 4 The system limit state function becomes
G = RG   (D + Lmax): (7.5)
With the statics of RG, D and Lmax known, the probability of failure can be
determined easily.
This method assumes that the loads on each oor are perfectly correlated, and
follows the loading pattern as shown in Figure 6.1. Thus, the gravity strength
of the frame can be expressed as RG = R  N . The assumption of perfectly
correlated loads greatly reduces the computational cost of reliability calibrations,
as the simulated results of RG can be reused for dierent cases of live-to-dead load
ratios, which need to be considered in the process of reliability calibrations.
7.4 System collapse limit state versus connec-
tion limit states
It should be noted that in the reliability analyses, only the frame collapse limit
state is considered. The assumption herein is that the connections have adequate
strength and ductility, thus the system strength is not governed by the limit states
of the connections. This assumption is plausible, since during the design proce-
dure of the DDM (see Section 6.2.1), the limit states of the connections are veried
according to the current AISC LRFD provisions. Connections are traditionally
designed \not to fail" by assigning higher target reliability (smaller resistance fac-
tor) than other structural members (beams, columns). In the AISC LRFD, the
target reliability index for compact rolled beams and tension members is approx-
imately 2.6-2.8 under the gravity load combinations, while for connections, the
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target reliability index is about 4.5 (Fisher et al., 1978). The probability of failure
is about 5  10 3 for  = 2:6, and 3:4  10 6 for  = 4:5. It can be seen that
the probabilities of failure for connections and other structural members dier by
three orders of magnitude.
The DDM considered in this study adopts a similar design philosophy; it en-
sures structural integrity in the ultimate limit state, and precludes connection
failure by following the existing LRFD connection design rules. The target relia-
bility index for connections is signicantly higher than the target reliability index
against system collapse.
7.5 Verication with direct Monte Carlo method
The simplied reliability analysis method (referred to as simplied method) as
presented in Section 7.2 is based on the assumption that the stochastic charac-
teristics of the system strength can be described parametrically by a distribution,
including the distribution type and the distribution parameters. The direct Monte
Carlo method, on the other hand, does not require such parametric description of
system strength. The direct Monte Carlo method captures the lower tail behavior
of the system strength directly, with the cost of signicantly more simulations
than the simplied method.
The accuracy of the simplied method is veried with the direct Monte Carlo
method. The reliability indices of the six frames with connection EEP1 (designed
using the DDM with a system resistance factor s of 0.90) are computed using
both the simplied method and the direct Monte Carlo method. The simplied
method is based on 500 LHS samples of system lateral resistance, tted to a
lognormal distribution. The direct Monte Carlo method employed 105 simulations,
and thus can be considered as \exact" results. The results from the two methods
are compared in Table 7.2. It can be seen that the simplied method agrees very
well with the direct Monte Carlo. The relative error is typically less than 3%.
This demonstrates the eciency and accuracy of the simplied method.
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Table 7.2: Reliability indices for the frames with connection EEP1, computed
from the simplied method and the direct Monte Carlo method (s = 0.9).
Frame WT/GT Simplied Method direct Monte Carlo Error
Frame 1-EEP1
0.10 2.39 2.32 3.0%
0.15 2.27 2.23 1.6%
0.20 2.20 2.14 2.7%
Frame 2-EEP1
0.10 2.50 2.45 1.9%
0.15 2.38 2.33 1.9%
0.20 2.15 2.20 2.2%
Frame 3-EEP1
0.10 2.44 2.50 2.3%
0.15 2.23 2.29 2.8%
0.20 2.13 2.10 1.5%
Frame 4-EEP1
0.10 2.50 2.49 0.3%
0.15 2.37 2.30 3.2%
0.20 2.20 2.19 0.6%
Frame 5-EEP1
0.10 2.46 2.40 2.3%
0.15 2.24 2.18 2.8%
0.20 2.09 2.03 2.9%
Frame 6-EEP1
0.10 2.54 2.49 1.9%
0.15 2.34 2.30 1.9%
0.20 2.18 2.12 2.6%
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7.6 Developing s versus  curves
Section 7.2 presents the reliability analysis for a single frame designed with a
given value of system resistance factor s, under given values of wind and gravity
loads. For code calibration, a single value of s is to be determined which can
yield relatively consistent reliabilities for a wide range of typical frames under
dierent loading situations. In this study, the frames (member cross-sections) are
not changed when considering dierent values of WT=GT and s. Rather, the
applied loads are adjusted such that in each case the frame is just at its strength
limit per the DDM (Eq. 7.1). Thus, the reliability evaluations can be performed
consistently for all frames.
The relation between s and system  for a given frame under dierent wind-
to-gravity load ratio WT=GT is determined using the following steps.
Step 1. Design the frame such that it satises Eq. (7.1) under a given value of s and
WT=GT . Mathematically, it implies s  n = 1:0, in which the n denotes
the ultimate applied load ratio.
This step can be achieved by scaling the reference loads given in Section
6.1.1. The reference loads (W;N) for a given WT=GT ratio are given in
Table 6.2. With the DDM, the maximum loads the frame can support are
sn  (W;N), in which the ultimate applied load ratio n is given in Table
6.9. Rewrite
sn  (W;N) = s 1
s
(snW;snN): (7.6)
Eq. (7.6) suggests that if the reference loads are scaled to (snW;snN),
the corresponding ultimate load ratio becomes 1=s, therefore, the frame
is just at its strength limit according to the DDM. The associated nominal
loads Wn, Dn and Ln can be calculated by
Wn = snW;
1:2Dn + 0:5Ln = snN; with Ln = 1:5Dn: (7.7)
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The nominal wind loads and dead loads for all six frame series with dierent
combinations of WT=GT and s can be found in Appendix B.
Step 2. Compute the system probability of failure and reliability index  according
to the procedures outlined in Section 7.2.
Step 3. Repeat Steps 1 and 2 for dierent combinations of (WT
GT
; s). Plot the 
versus s curves for each WT=GT ratio considered. The \mean" curve for
all cases of WT=GT can then be obtained.
Figure 7.1 shows the owchart for linking s and  for a frame for dierent wind-
to-gravity load ratio WT=GT . The relationship between s and  for gravity load
combination can be constructed using a similar method.
7.7 Example: Frame 3-TSD1
Bay way of example, Frame 2 with the connection TSD1 is considered to demon-
strate the procedure of establishing the s versus  relations subject to a wind-
to-gravity load ratio WT=GT of 0.15.
From Table 6.2, the reference loads (W;N) for WT=GT of 0.15 are (108.89 kN,
35.03 kN/m). The ultimate applied load ratio n is 0.63 for Frame 3-TSD1, as
shown in Table 6.9. First, consider a system resistance factor s = 0:9, according
to Eq. (7.7), the nominal loads are:
Wn = 0:9  0:63  108:89 = 61:74kN
Dn = (0:9  0:63  35:03)=(1:2 + 0:5  1:5) = 10:19kN=m
Ln = 1:5 Dn = 15:28kN=m:
Recall that the reliability analysis is based on the load combination Wmax +D +
Lapt. The statistics of the loads can be obtained from Table 7.1 based on their
nominal values, i.e.,
Wmax: Wmax=0.56Wn=34.57 kN, COV=0.37, Type I largest distribution.
D: D=1.05Dn=10.69 kN/m, COV=0.10, Normal distribution.
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Figure 7.1: Flowchart for computing s versus  relationship under combined
wind and gravity loads.
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Lapt: Lapt=0.24Ln=3.67 kN/m, COV=0.6, Gamma distribution.
in which A denotes the mean of A.
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Figure 7.2: Histogram of the normalized lateral resistance R of Frame 3-TSD1
(s = 0:9, WT=GT = 0:15).
Next, 500 samples of Frame 3-TSD1 are generated using Latin Hypercube
sampling technique for sampling random values of the uncertain parameters (steel
material properties, cross-sectional geometric properties, frame out-of-plumbness,
semi-rigid connection properties, dead loadD and arbitrary-point-in-time live load
Lapt). For each sample of Frame 3-TSD1, an advanced analysis is carried out to
determine the system lateral resistance Rw, expressed as Rw = R  Wn. since
R = Rw=Wn, R is referred to as the normalized lateral resistance of the frame.
To include the eect of modelling uncertainty of the advanced analysis, R is then
multiplied by a randomly sampled modelling uncertainty . Figure 7.2 plots the
histogram of R (including modelling uncertainty). It is found that R has a mean
of 1.206, with a COV of 0.076,
For reliability evaluation, the system limit state function is given by
G = Rw  Wmax =Wn(R  Wmax=Wn):
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R is a lognormal with a mean of 1.206 and a COV of 0.076 and Wmax=Wn is an
extreme Type 1 distribution, with a mean of 0.56 and a COV of 0.37. Through 105
direct Monte Carlo simulations, the probability of failure is found to be 0.0139, or
 = 2:20 if converted to reliability index.
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Figure 7.3: Histogram of the normalized lateral resistance R of Frame 3-TSD1
(s = 0:85, WT=GT = 0:15).
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Figure 7.4: Histogram of the normalized lateral resistance R of Frame 3-TSD1
(s = 0:8, WT=GT = 0:15).
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The aforementioned procedure is then repeated for other values of system re-
sistance factors, e.g., s=0.85, 0.80, etc. Figures 7.3 and 7.4 plot the histograms
of the simulated 500 samples of the normalized lateral resistance R for the cases
of s=0.85 and 0.80, respectively. R has a mean of 1.340 with a COV of 0.075
in the case of s = 0:85, and has a mean of 1.456 and a COV of 0.075 when s
is set 0.80. Both histograms can be described by lognormal distributions. The
reliability indices are 2.46 and 2.67 for s of 0.85 and 0.8, respectively.
The statistics of R and system reliability index  for Frame 3 series with
TSD1 under dierent wind-to-gravity load ratio and s values are summarized in
Table 7.3. It can be seen that the mean of R (denoted by R) increases with
decreasing s, while the COV of R (denoted by VR) appears to be independent
of s. For instance, for WT=GT = 0:15, R increases from 1.206 to 1.340, and to
1.456 when s is reduced from 0.9 to 0.85, and further to 0.80. However, VR is
about 0.076, 0.075 and 0.075 for three values of s.
Table 7.3: Statistics of the normalized lateral resistance R and system reliability
index  for Frame 3-TSD1.
S
WT =GT = 0.1 WT =GT = 0.15 WT =GT = 0.2
R VR  R VR  R VR 
0.90 1.308 0.088 2.36 1.206 0.076 2.10 1.138 0.079 2.07
0.85 1.425 0.079 2.60 1.340 0.075 2.46 1.284 0.082 2.25
0.80 1.577 0.074 2.82 1.456 0.075 2.67 1.437 0.083 2.55
Based on the reliability results in Table 7.3, the s versus  curves for three
dierent WT=GT values can be obtained, as shown in Figure 7.5. As expected, 
reduces as s increases. For a same s,  decreases as WT=GT increases.
7.8 Reliability results of all frames under com-
bined wind and gravity loads
For all six series of frames, the nominal wind loads and dead loads used for relia-
bility calibrations are presented in Appendix B.
The mean values (R) of the normalized lateral resistance R of the six frame
series are presented in Table 7.4 for s = 0:9, Table 7.5 for for s = 0:85, and
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Figure 7.5: s versus  curves for Frame 3-TSD1 under combined wind and gravity
loads.
Table 7.4: Mean values of the normalized frame lateral resistance R (S = 0:9).
Frame WT/GT EEP1 EEP2 TSD1 TSD2 DW1 DW2
Frame 1
0.10 1.304 { 1.248 1.138 1.288 1.214
0.15 1.252 { 1.154 1.204 1.112 1.209
0.20 1.206 { 1.220 1.166 1.157 1.240
Frame 2
0.10 1.399 { 1.367 1.355 1.343 1.354
0.15 1.250 { 1.221 1.242 1.204 1.264
0.20 1.214 { 1.172 1.208 1.159 1.202
Frame 3
0.10 1.341 { 1.308 1.324 1.283 1.312
0.15 1.219 { 1.206 1.211 1.181 1.256
0.20 1.153 { 1.138 1.146 1.132 1.193
Frame 4
0.10 1.248 { 1.202 1.299 1.262 1.314
0.15 1.222 { 1.178 1.196 1.221 1.247
0.20 1.107 { 1.103 1.083 1.159 1.164
Frame 5
0.10 1.241 1.265 1.236 1.255 1.225 1.252
0.15 1.204 1.233 1.201 1.188 1.129 1.212
0.20 1.137 1.061 1.087 1.141 1.111 1.151
Frame 6
0.10 1.201 { 1.202 1.246 1.255 1.277
0.15 1.153 { 1.126 1.190 1.087 1.100
0.20 1.045 { 1.054 1.110 1.078 1.056
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Table 7.5: Mean values of the normalized frame lateral resistance R (S = 0:85).
Frame WT/GT EEP1 EEP2 TSD1 TSD2 DW1 DW2
Frame 1
0.10 1.383 { 1.329 1.386 1.372 1.368
0.15 1.345 { 1.335 1.346 1.333 1.336
0.20 1.266 { 1.222 1.251 1.230 1.263
Frame 2
0.10 1.451 { 1.432 1.447 1.472 1.493
0.15 1.373 { 1.339 1.353 1.315 1.347
0.20 1.293 { 1.251 1.257 1.224 1.274
Frame 3
0.10 1.426 { 1.425 1.439 1.402 1.424
0.15 1.355 { 1.340 1.362 1.327 1.371
0.20 1.290 { 1.284 1.277 1.260 1.294
Frame 4
0.10 1.403 { 1.387 1.373 1.364 1.370
0.15 1.319 { 1.317 1.351 1.290 1.362
0.20 1.208 { 1.202 1.213 1.263 1.219
Frame 5
0.10 1.393 1.410 1.376 1.406 1.363 1.355
0.15 1.242 1.279 1.247 1.307 1.232 1.208
0.20 1.188 1.151 1.150 1.228 1.241 1.222
Frame 6
0.10 1.337 { 1.286 1.338 1.325 1.358
0.15 1.243 { 1.261 1.185 1.222 1.268
0.20 1.169 { 1.134 1.190 1.163 1.193
Table 7.6: Mean values of the normalized frame lateral resistance R (S = 0:8).
Frame WT/GT EEP1 EEP2 TSD1 TSD2 DW1 DW2
Frame 1
0.10 1.401 { 1.387 1.407 1.385 1.385
0.15 1.343 { 1.359 1.276 1.322 1.342
0.20 1.287 { 1.272 1.282 1.291 1.278
Frame 2
0.10 1.597 { 1.575 1.582 1.582 1.605
0.15 1.512 { 1.454 1.488 1.466 1.528
0.20 1.413 { 1.385 1.411 1.370 1.404
Frame 3
0.10 1.576 { 1.577 1.590 1.514 1.527
0.15 1.506 { 1.456 1.487 1.485 1.498
0.20 1.474 { 1.437 1.423 1.416 1.437
Frame 4
0.10 1.544 { 1.466 1.475 1.562 1.601
0.15 1.422 { 1.435 1.428 1.457 1.516
0.20 1.368 { 1.381 1.321 1.311 1.352
Frame 5
0.10 1.524 1.526 1.532 1.493 1.448 1.548
0.15 1.422 1.424 1.406 1.371 1.400 1.434
0.20 1.300 1.291 1.307 1.318 1.365 1.367
Frame 6
0.10 1.470 { 1.424 1.452 1.451 1.463
0.15 1.399 { 1.348 1.348 1.354 1.382
0.20 1.285 { 1.211 1.303 1.231 1.312
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Table 7.6 for for s = 0:8. The COV's (VR) of R for the three cases of s are
given in Tables 7.7, 7.8 and 7.9, respectively.
Recall that the lateral resistance Rw of a frame is Rw = R Wn, in which Wn
is the maximum nominal wind load the frame can support. Thus R = Rw=Wn,
and VR = VRw since Wn is deterministic. R can be considered as the mean-
to-nominal value of a frame's lateral strength. The system reliability of a frame
strongly depends on the mean-to-nominal value and coecient of variation of its
strength.
From Tables 7.4, 7.5 and 7.6, it is observed that R decreases with increasing
WT=GT . Take Frame 5-EEP 1 with s = 0:85 for example. R is 1.393 for
WT=GT = 0:1, 1.242 for WT=GT = 0:15, and 1.188 for WT=GT = 0:2. Moreover,
R increases when the system resistance factor s is reduced. Consider Frame
5-EEP1 under WT=GT = 0:15. R is 1.204 for s = 0:9, 1.242 for s = 0:85, and
1.422 for s = 0:8. Also, it appears that R for dierent types of connections are
very similar.
In terms of the variability of R, Tables 7.7, 7.8 and 7.9 demonstrate that
VR has a small variation across the dierent connections, and appears to be
unaected by the value of s. Overall, VR values are similar for all frame series,
varying between 0.064 to 0.111, with an average value of about 0.083. In particular,
Frame 5 series has relatively large VR values, around 0.104.
Based on the mean and COV of R, the reliability indices of the frames are
computed and listed in Tables 7.10, 7.11 and 7.12, for s = 0:9, s = 0:85, and s =
0:8, respectively. It can be seen that for a model frame under a given combination
of WT=GT and s, the system reliability indices  vary slightly across dierent
types of connections. For instance, consider Frame 5 under WT=GT = 0:15 and
s = 0:85. The system reliability indices are in a narrow range of 2.35 (with TSD1)
and 2.45 (EEP2). Overall, it appears that the system reliability index does not
depend on the type of connections. Note that the strength of a semi-rigid frame
usually strongly depends on its connection properties (connection stiness and
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Table 7.7: COV of the normalized frame lateral resistance R under combined
wind and gravity loads (S = 0:9).
Frame WT/GT EEP1 EEP2 TSD1 TSD2 DW1 DW2
Frame 1
0.10 0.068 { 0.068 0.068 0.079 0.081
0.15 0.067 { 0.065 0.064 0.081 0.081
0.20 0.064 { 0.064 0.064 0.084 0.081
Frame 2
0.10 0.084 { 0.081 0.080 0.072 0.079
0.15 0.081 { 0.081 0.081 0.073 0.083
0.20 0.083 { 0.075 0.082 0.065 0.075
Frame 3
0.10 0.084 { 0.088 0.077 0.078 0.078
0.15 0.082 { 0.076 0.082 0.077 0.085
0.20 0.077 { 0.079 0.084 0.073 0.080
Frame 4
0.10 0.083 { 0.083 0.083 0.094 0.081
0.15 0.073 { 0.072 0.073 0.086 0.071
0.20 0.069 { 0.068 0.068 0.081 0.067
Frame 5
0.10 0.107 0.111 0.108 0.103 0.103 0.101
0.15 0.102 0.102 0.105 0.102 0.103 0.107
0.20 0.103 0.096 0.103 0.103 0.101 0.104
Frame 6
0.10 0.090 { 0.094 0.092 0.092 0.091
0.15 0.091 { 0.086 0.094 0.079 0.083
0.20 0.086 { 0.076 0.079 0.075 0.073
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Table 7.8: COV of the normalized frame lateral resistance R under combined
wind and gravity loads (S = 0:85).
Frame WT/GT EEP1 EEP2 TSD1 TSD2 DW1 DW2
Frame 1
0.10 0.066 { 0.067 0.067 0.081 0.081
0.15 0.064 { 0.064 0.064 0.084 0.082
0.20 0.064 { 0.064 0.064 0.081 0.080
Frame 2
0.10 0.072 { 0.084 0.082 0.070 0.073
0.15 0.077 { 0.076 0.080 0.071 0.068
0.20 0.082 { 0.080 0.070 0.068 0.068
Frame 3
0.10 0.085 { 0.079 0.080 0.074 0.079
0.15 0.080 { 0.075 0.086 0.076 0.083
0.20 0.084 { 0.082 0.084 0.073 0.080
Frame 4
0.10 0.081 { 0.080 0.081 0.092 0.081
0.15 0.072 { 0.071 0.073 0.086 0.086
0.20 0.068 { 0.067 0.068 0.080 0.066
Frame 5
0.10 0.109 0.109 0.107 0.104 0.112 0.109
0.15 0.106 0.106 0.109 0.106 0.106 0.104
0.20 0.102 0.095 0.102 0.101 0.103 0.103
Frame 6
0.10 0.092 { 0.081 0.087 0.080 0.082
0.15 0.092 { 0.077 0.081 0.077 0.074
0.20 0.083 { 0.085 0.090 0.074 0.078
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Table 7.9: COV of the normalized frame lateral resistance R under combined
wind and gravity loads (S = 0:8).
Frame WT/GT EEP1 EEP2 TSD1 TSD2 DW1 DW2
Frame 1
0.10 0.065 { 0.066 0.066 0.081 0.078
0.15 0.062 { 0.064 0.064 0.082 0.082
0.20 0.063 { 0.064 0.063 0.074 0.081
Frame 2
0.10 0.081 { 0.078 0.079 0.074 0.075
0.15 0.076 { 0.078 0.074 0.074 0.078
0.20 0.075 { 0.086 0.079 0.075 0.078
Frame 3
0.10 0.080 { 0.074 0.080 0.078 0.077
0.15 0.074 { 0.075 0.080 0.075 0.082
0.20 0.074 { 0.083 0.080 0.073 0.080
Frame 4
0.10 0.079 { 0.077 0.077 0.089 0.080
0.15 0.070 { 0.069 0.073 0.086 0.100
0.20 0.067 { 0.067 0.068 0.079 0.065
Frame 5
0.10 0.109 0.107 0.109 0.111 0.112 0.109
0.15 0.106 0.110 0.109 0.106 0.106 0.104
0.20 0.111 0.094 0.104 0.104 0.103 0.103
Frame 6
0.10 0.080 { 0.079 0.081 0.081 0.081
0.15 0.082 { 0.079 0.079 0.079 0.077
0.20 0.080 { 0.072 0.078 0.081 0.078
148
moment capacity), the reliability of the frame, however, may be similar for dierent
types of beam-to-column connections, if the strength of the frame is not governed
by the limit states of the connections. Dierent types of connections may have
very dierent strength and/or stiness; however, the stochastic characteristics
(mean-to-nominal ratio and coecient of variation) of the connection properties
(initial stiness and moment capacity) are not dissimilar, as indicated in Section
5.4 (Tables 5.3 and 5.4). Using dierent types of connection would change the
nominal resistance of a frame. But on the other hand, the mean value of the
system resistance would also change accordingly. The connection type will have
a similar impact on both the system resistance and the nominal resistance of
the frames. Therefore, using dierent types of connections would lead to similar
mean-to-nominal and COV of the system resistance (if the system failure modes
are similar, and connection failures are precluded). Consequently, the reliabilities
of the frames with dierent types of connections would be similar.
Table 7.10: System reliability indices () under combined wind and gravity loads
(S = 0:9).
Frame WT/GT EEP1 EEP2 TSD1 TSD2 DW1 DW2
Frame 1
0.10 2.39 { 2.33 2.35 2.34 2.38
0.15 2.27 { 2.20 2.22 2.17 2.23
0.20 2.20 { 2.09 2.16 1.99 2.20
Frame 2
0.10 2.50 { 2.45 2.50 2.55 2.51
0.15 2.38 { 2.34 2.32 2.28 2.38
0.20 2.15 { 2.11 2.14 2.10 2.12
Frame 3
0.10 2.44 { 2.36 2.43 2.37 2.38
0.15 2.23 { 2.20 2.24 2.22 2.23
0.20 2.13 { 2.07 2.08 2.05 2.06
Frame 4
0.10 2.50 { 2.51 2.49 2.50 2.54
0.15 2.37 { 2.35 2.36 2.39 2.41
0.20 2.20 { 2.17 2.18 2.17 2.20
Frame 5
0.10 2.46 2.50 2.34 2.36 2.36 2.37
0.15 2.24 2.29 2.17 2.19 2.22 2.26
0.20 2.09 2.15 2.05 2.07 2.02 2.09
Frame 6
0.10 2.54 { 2.42 2.46 2.42 2.48
0.15 2.34 { 2.21 2.23 2.21 2.30
0.20 2.18 { 2.06 2.16 2.10 2.17
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Table 7.11: System reliability indices () under combined wind and gravity loads
(S = 0:85).
Frame WT/GT EEP1 EEP2 TSD1 TSD2 DW1 DW2
Frame 1
0.10 2.72 { 2.66 2.69 2.70 2.73
0.15 2.63 { 2.55 2.56 2.61 2.64
0.20 2.49 { 2.46 2.48 2.47 2.47
Frame 2
0.10 2.71 { 2.63 2.76 2.73 2.77
0.15 2.53 { 2.48 2.46 2.47 2.47
0.20 2.38 { 2.25 2.30 2.27 2.30
Frame 3
0.10 2.65 { 2.60 2.63 2.61 2.65
0.15 2.52 { 2.46 2.52 2.48 2.53
0.20 2.31 { 2.25 2.29 2.33 2.36
Frame 4
0.10 2.70 { 2.71 2.69 2.70 2.74
0.15 2.56 { 2.54 2.55 2.55 2.57
0.20 2.38 { 2.34 2.36 2.39 2.40
Frame 5
0.10 2.65 2.66 2.53 2.55 2.56 2.59
0.15 2.44 2.45 2.35 2.37 2.37 2.41
0.20 2.32 2.37 2.28 2.31 2.32 2.34
Frame 6
0.10 2.76 { 2.62 2.67 2.62 2.68
0.15 2.57 { 2.42 2.45 2.39 2.48
0.20 2.40 { 2.33 2.38 2.30 2.37
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Figure 7.6: s versus  (average of six frame series) for the frames with EEP
connections under combined wind and gravity loads.
The reliability results of individual model frame need to be combined, to obtain
the \averaged" results which are suitable for developing the limit state design
criterion for the DDM of general semi-rigid steel frames. First, the results of the
150
Table 7.12: System reliability indices () under combined wind and gravity loads
(S = 0:8).
Frame WT/GT EEP1 EEP2 TSD1 TSD2 DW1 DW2
Frame 1
0.10 2.93 { 2.90 3.01 2.96 3.02
0.15 2.83 { 2.78 2.79 2.78 2.86
0.20 2.68 { 2.66 2.68 2.67 2.73
Frame 2
0.10 2.88 { 2.86 3.00 2.91 2.98
0.15 2.81 { 2.75 2.74 2.78 2.80
0.20 2.61 { 2.60 2.62 2.58 2.61
Frame 3
0.10 2.86 { 2.82 2.89 2.90 2.92
0.15 2.72 { 2.67 2.71 2.68 2.75
0.20 2.64 { 2.55 2.59 2.55 2.58
Frame 4
0.10 2.91 { 2.92 2.90 2.91 2.96
0.15 2.75 { 2.71 2.74 2.74 2.76
0.20 2.56 { 2.54 2.55 2.58 2.59
Frame 5
0.10 2.96 3.02 2.84 2.86 2.86 2.89
0.15 2.69 2.74 2.62 2.65 2.62 2.66
0.20 2.55 2.57 2.51 2.54 2.55 2.57
Frame 6
0.10 2.87 { 2.83 2.88 2.82 2.89
0.15 2.79 { 2.69 2.72 2.67 2.77
0.20 2.62 { 2.56 2.61 2.49 2.57
Table 7.13: Averaged reliability indices  of six frame series under combined wind
and gravity loads.
EEP TSD DW
s = 0.8 0.85 0.9 0.8 0.85 0.9 0.8 0.85 0.9
WT =GT=0.1 2.91 2.70 2.47 2.89 2.64 2.42 2.92 2.67 2.44
WT =GT=0.15 2.77 2.54 2.31 2.71 2.48 2.25 2.74 2.50 2.28
WT =GT=0.2 2.61 2.38 2.16 2.59 2.34 2.11 2.59 2.36 2.11
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Figure 7.7: s versus  (average of six frame series) for the frames with TSD
connections under combined wind and gravity loads.
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Figure 7.8: s versus  (average of six frame series) for the frames with DW
connections under combined wind and gravity loads.
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six frame series of a same connection type are combined (with same weights). Note
that the six frame series were selected to represent typical low- to mid-rise planar
steel frames with semi-rigid connections. Table 7.13 shows the system reliability
indices  for dierent combinations of WT=GT and s for EEP, TSD and DW
connections, in which the reliability indices are the averaged values of all the
six frame series with that type of connection. For example, for TSD connection
(including TSD1 and TSD2) with a given combination of WT=GT and s, the
averaged , denoted by ~ is computed as
~ =
P6
i=1
P2
j=1 (Frame i TSDj)
12
; (7.8)
in which (Frame i-TSDj) represents the reliability index of Frame i-TSDj, in
which i = 1; : : : ; 6 and j = 1; 2. The ~ versus s curves for threeWT=GT values are
shown in Fig. 7.6 for the frames with the EEP connections, Fig. 7.7 for the frames
with the TSD connections, and Fig. 7.8 for the frames with the DW connections.
Further, the results of three WT=GT are combined with weights. In this study,
the three WT=GT ratios, i.e., WT=GT = 0:1, 0.15 and 0.2, are assigned equal
weights, assuming that the three loading scenarios occur with the same frequency
in practice. Fig. 7.9 shows the  versus s curve for the frames with EEP connec-
tions, averaging over all six frame series and three WT=GT ratios. The curve can
be tted well by a linear function
 =  4:4734s + 6:3422: (7.9)
Similarly, the  versus s curves for the frames with TSD and DW connections are
plotted in Figs. 7.10 and 7.11, respectively. For the frames with TSD connections,
the  is related to s through
 =  4:7295s + 6:5111: (7.10)
For the frames with DW connections, the  versus s curve can be tted by
 =  4:766s + 6:5613: (7.11)
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Based on Eqs. (7.10)-(7.10), the  corresponding to a given value of s can be
computed. For example, for a system resistance factor of 0.8, the system reliability
index is 2.67 for the frames with EEP connections, 2.62 for the frames with TSD
connections, and 2.63 for the frames with DW connections. It can be seen that the
discrepancy between dierent connections is rather small. This nding suggests
that in practice, the system resistance factor for semi-rigid frames does not need to
dierentiate between connection types. A single value of system resistance factor
can be used for all types of connections considered in this study, although the
connections have quite dierent stiness/strength. Eqs. (7.10)-(7.10) can also be
used to determine the resistance factor required for achieving a given value of .
For example, for a target reliability index of 2.5, s is about 0.86, no matter the
beam-column connections are EEP, TSD, or DW.
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Figure 7.9: s versus  for the frames with EEP connections under combined wind
and gravity loads (average of six frame series and three WT=GT ratios).
7.9 Reliability results of all frames under grav-
ity load combination
The six series of baseline frames are also used to perform reliability calibrations for
gravity load combination 1:2Dn + 1:6Ln. Each frame is subjected to the loading
patterns shown in Fig. 6.1, except that the wind load W is zero. Table 7.14
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Figure 7.10: s versus  for the frames with TSD connections under combined
wind and gravity loads (average of six frame series and three WT=GT ratios).
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Figure 7.11: s versus  for the frames with DW connections under combined
wind and gravity loads (average of six frame series and three WT=GT ratios).
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presents the gravity load N for each frames associated with dierent values of
system resistance factor s. The load N equals to the combined factored loads,
i.e.,
N = 1:2Dn + 1:6Ln:
Under the load N , the frames are just at ultimate strength limit state according
to the DDM, i.e.,
sRn = 1:2Dn + 1:6Ln = N:
Table 7.14: Reference load N = 1:2Dn + 1:6Ln (unit: kN/m).
Frame s EEP1 EEP2 TSD1 TSD2 DW1 DW2
Frame 1
0.90 117.79 { 116.41 117.69 91.57 103.31
0.85 111.25 { 109.95 111.16 86.48 97.57
0.80 98.89 { 97.73 98.80 76.87 86.73
Frame 2
0.90 240.71 { 237.20 240.41 191.75 216.50
0.85 227.33 { 224.03 227.05 181.10 204.47
0.80 202.08 { 199.13 201.82 160.98 181.75
Frame 3
0.90 69.03 { 48.23 51.38 43.82 45.39
0.85 65.20 { 45.55 48.53 41.38 42.87
0.80 57.96 { 40.49 43.14 36.78 38.11
Frame 4
0.90 56.74 { 46.97 44.45 41.29 45.08
0.85 53.59 { 44.36 41.98 39.00 42.57
0.80 47.63 { 39.43 37.31 34.67 37.84
Frame 5
0.90 53.40 60.02 42.37 47.66 33.10 35.31
0.85 50.43 56.69 40.01 45.01 31.26 33.34
0.80 44.83 50.39 35.57 40.01 27.79 29.64
Frame 6
0.90 125.01 { 109.74 117.89 95.76 103.53
0.85 118.07 { 103.65 111.34 90.44 97.78
0.80 104.95 { 92.13 98.97 80.39 86.92
Table 7.15: Mean of gravity resistance RG (unit: kN/m).
Frame EEP1 EEP2 TSD1 TSD2 DW1 DW2
Frame 1 143.38 { 131.55 139.65 104.54 121.21
Frame 2 186.67 { 183.09 185.88 148.62 171.28
Frame 3 81.87 { 58.33 62.36 51.16 54.02
Frame 4 66.78 { 55.44 57.10 49.30 51.58
Frame 5 63.31 73.35 52.98 59.79 38.89 42.04
Frame 6 147.99 { 135.08 143.58 114.55 121.55
The reliability analysis follows the procedure outlined in Section 7.3. For each
frame, 500 random samples of the frame are generated using the Latin Hypercube
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Table 7.16: COV of gravity resistance RG.
Frame EEP1 EEP2 TSD1 TSD2 DW1 DW2
Frame 1 0.067 { 0.074 0.072 0.069 0.067
Frame 2 0.075 { 0.075 0.074 0.070 0.073
Frame 3 0.077 { 0.070 0.072 0.065 0.067
Frame 4 0.063 { 0.064 0.065 0.067 0.066
Frame 5 0.071 0.073 0.067 0.061 0.060 0.061
Frame 6 0.071 { 0.078 0.076 0.062 0.070
sampling technique for sampling random values of the uncertain parameters (steel
material properties, cross-sectional geometric properties, frame out-of-plumbness,
and semi-rigid connection properties). For each sample of the frame, an advanced
analysis is carried out to determine the system gravity resistance RG. Based on
the 500 samples of RG, its statistics (mean, COV and distribution type) can be
estimated. As examples, Figs. 7.12 and 7.13 plot the histograms of the gravity
resistance RG of Frame 4-EEP1 and Frame 5-TSD 2, respectively. Table 7.15
presents the mean of RG, denoted by RG, of the six frames with dierent types of
connections. The COV's of RG, denoted by VRG , are summarized in Table 7.16.
It can be seen that the COV's of gravity resistance are quite consistent between
frames and between dierent connections. In general, VRG is approximately 0.06
to 0.08.
With the statistics of RG known, the system reliability index can be computed
by considering the limit state function Eq. (7.5),
G = RG   (D + Lmax):
For the load combination involving only dead and live loads, dierent live-to-dead
load ratios are to be considered in the reliability calibration, as the uncertainty in
the live load is signicantly higher than that of the dead load. This study consid-
ers ve values of Ln=Dn ratio, each with dierent weights in reliability calibration.
The weights represent the relative frequency of dierent loading scenarios (Elling-
wood et al., 1982). Table 7.17 presents the live-to-dead load ratios Ln=Dn and the
associated weights.
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Figure 7.12: Histogram of gravity resistance RG of Frame 4-EEP1.
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Figure 7.13: Histogram of gravity resistance RG of Frame 5-TSD2.
Note that N = 1:2Dn + 1:6Ln. For a given live-to-dead load ratio Ln=Dn, the
nominal dead load Dn and nominal live load Ln can be easily determined from
N . Then based on Dn and Ln, the mean values of D and Lmax can be calculated
according to Table 7.1.
Tables 7.18, 7.19, and 7.20 give the reliability indices for each frame series
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Table 7.17: Ln=Dn ratios and associated weights.
Ln=Dn 0.5 1.0 1.5 2.0 3.0
Weights 10% 20% 25% 35% 10%
Table 7.18: System reliability indices  for the frames with EEP connections
(under gravity loads only).
Frame Ln=Dn
s = 0:9 s = 0:85 s = 0:8
EEP1 EEP2 EEP1 EEP2 EEP1 EEP2
Frame 1
0.5 3.30 { 3.59 { 4.02 {
1.0 2.88 { 3.20 { 3.47 {
1.5 2.69 { 2.95 { 3.24 {
2.0 2.67 { 2.87 { 3.13 {
3.0 2.56 { 2.82 { 2.99 {
Weighted Average 2.77 { 3.02 { 3.30 {
Frame 2
0.5 3.17 { 3.46 { 3.82 {
1.0 2.90 { 3.13 { 3.46 {
1.5 2.74 { 3.01 { 3.30 {
2.0 2.74 { 2.90 { 3.16 {
3.0 2.64 { 2.83 { 3.01 {
Weighted Average 2.80 { 3.02 { 3.30 {
Frame 3
0.5 3.19 { 3.55 { 3.87 {
1.0 2.89 { 3.23 { 3.48 {
1.5 2.84 { 3.08 { 3.28 {
2.0 2.77 { 2.98 { 3.25 {
3.0 2.67 { 2.85 { 3.11 {
Weighted Average 2.84 { 3.10 { 3.35 {
Frame 4
0.5 3.29 { 3.62 { 4.02 {
1.0 3.01 { 3.20 { 3.56 {
1.5 2.78 { 3.08 { 3.34 {
2.0 2.70 { 2.97 { 3.23 {
3.0 2.59 { 2.91 { 3.13 {
Weighted Average 2.83 { 3.10 { 3.39 {
Frame 5
0.5 3.17 3.17 3.51 3.55 3.93 3.88
1.0 2.92 2.85 3.14 3.20 3.47 3.46
1.5 2.70 2.74 3.01 3.03 3.26 3.26
2.0 2.61 2.65 2.90 2.92 3.14 3.17
3.0 2.53 2.52 2.83 2.76 3.02 3.03
Weighted Average 2.74 2.75 3.03 3.05 3.30 3.31
Frame 6
0.5 3.05 { 3.45 { 3.74 {
1.0 2.82 { 3.07 { 3.39 {
1.5 2.65 { 2.96 { 3.18 {
2.0 2.58 { 2.83 { 3.12 {
3.0 2.49 { 2.78 { 2.92 {
Weighted Average 2.68 { 2.97 { 3.23 {
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Table 7.19: System reliability indices  for the frames with TSD connections
(under gravity loads only).
Frame Ln=Dn
s = 0:9 s = 0:85 s = 0:8
TSD1 TSD2 TSD1 TSD2 TSD1 TSD2
Frame 1
0.5 3.25 3.28 3.61 3.64 3.99 4.01
1.0 2.87 2.91 3.19 3.22 3.46 3.50
1.5 2.78 2.77 2.97 3.03 3.25 3.30
2.0 2.67 2.69 2.88 2.92 3.11 3.17
3.0 2.54 2.60 2.79 2.82 3.06 3.07
Weighted Average 2.78 2.80 3.03 3.07 3.30 3.34
Frame 2
0.5 3.18 3.14 3.52 3.52 3.93 3.92
1.0 2.87 2.94 3.19 3.16 3.42 3.44
1.5 2.76 2.81 2.95 3.06 3.26 3.31
2.0 2.69 2.66 2.93 2.96 3.11 3.14
3.0 2.55 2.62 2.81 2.77 3.05 3.02
Weighted Average 2.78 2.80 3.04 3.06 3.29 3.31
Frame 3
0.5 3.22 3.18 3.57 3.51 3.94 3.91
1.0 2.95 2.91 3.22 3.21 3.49 3.51
1.5 2.80 2.79 3.00 3.07 3.29 3.26
2.0 2.68 2.69 2.97 2.93 3.18 3.19
3.0 2.61 2.66 2.78 2.86 3.07 3.03
Weighted Average 2.81 2.81 3.07 3.07 3.33 3.33
Frame 4
0.5 3.25 3.26 3.61 3.65 4.04 4.01
1.0 2.98 2.96 3.24 3.20 3.56 3.50
1.5 2.79 2.80 3.04 3.00 3.29 3.30
2.0 2.67 2.74 2.91 2.94 3.19 3.25
3.0 2.61 2.59 2.84 2.82 3.12 3.10
Weighted Average 2.81 2.84 3.07 3.06 3.37 3.37
Frame 5
0.5 3.02 3.11 3.33 3.53 3.69 3.82
1.0 2.72 2.88 3.09 3.15 3.33 3.48
1.5 2.67 2.74 2.88 2.99 3.11 3.24
2.0 2.60 2.66 2.83 2.92 3.09 3.12
3.0 2.47 2.54 2.69 2.72 2.90 2.99
Weighted Average 2.67 2.76 2.93 3.02 3.18 3.28
Frame 6
0.5 3.24 3.12 3.55 3.52 3.95 3.83
1.0 2.86 2.90 3.20 3.12 3.52 3.41
1.5 2.76 2.75 3.06 3.02 3.32 3.28
2.0 2.69 2.65 2.98 2.90 3.22 3.19
3.0 2.61 2.62 2.81 2.78 3.06 3.02
Weighted Average 2.79 2.77 3.08 3.02 3.36 3.31
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Table 7.20: System reliability indices  for the frames with DW connections (under
gravity loads only).
Frame Ln=Dn
s = 0:9 s = 0:85 s = 0:8
DW1 DW2 DW1 DW2 DW1 DW2
Frame 1
0.5 3.27 3.25 3.58 3.61 3.91 3.97
1.0 2.95 2.85 3.19 3.16 3.50 3.44
1.5 2.80 2.72 2.98 2.96 3.23 3.29
2.0 2.65 2.67 2.91 2.93 3.11 3.15
3.0 2.56 2.56 2.79 2.81 2.99 3.03
Weighted Average 2.80 2.76 3.04 3.04 3.29 3.31
Frame 2
0.5 3.18 3.24 3.58 3.60 3.89 3.93
1.0 2.86 2.90 3.14 3.17 3.45 3.54
1.5 2.70 2.74 3.01 3.06 3.22 3.28
2.0 2.70 2.70 2.87 2.90 3.13 3.17
3.0 2.58 2.59 2.74 2.80 2.96 3.03
Weighted Average 2.77 2.79 3.02 3.06 3.28 3.33
Frame 3
0.5 3.15 3.23 3.55 3.48 3.88 3.83
1.0 2.91 2.94 3.16 3.19 3.46 3.51
1.5 2.80 2.80 3.08 3.08 3.28 3.26
2.0 2.70 2.68 2.95 2.97 3.15 3.22
3.0 2.66 2.60 2.82 2.84 3.02 3.08
Weighted Average 2.81 2.81 3.07 3.08 3.30 3.33
Frame 4
0.5 3.20 3.26 3.52 3.60 3.92 3.93
1.0 2.88 2.92 3.22 3.17 3.49 3.45
1.5 2.76 2.80 3.07 3.03 3.26 3.30
2.0 2.73 2.73 2.96 2.90 3.14 3.17
3.0 2.61 2.61 2.78 2.85 3.04 3.12
Weighted Average 2.80 2.83 3.08 3.05 3.31 3.33
Frame 5
0.5 3.06 2.96 3.41 3.33 3.78 3.74
1.0 2.91 2.77 3.11 3.03 3.47 3.33
1.5 2.75 2.67 3.06 2.93 3.27 3.15
2.0 2.75 2.59 2.96 2.78 3.13 3.02
3.0 2.56 2.44 2.82 2.68 3.02 2.97
Weighted Average 2.80 2.67 3.04 2.91 3.29 3.18
Frame 6
0.5 3.17 3.15 3.55 3.43 3.87 3.85
1.0 2.88 2.93 3.15 3.16 3.50 3.40
1.5 2.75 2.72 3.03 2.96 3.29 3.25
2.0 2.73 2.69 2.94 2.87 3.24 3.15
3.0 2.64 2.54 2.80 2.84 3.03 3.04
Weighted Average 2.80 2.78 3.05 3.00 3.35 3.28
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with EEP, TSD, and DW connections, respectively, as a function of Ln=Dn and
s. The weighted average  for all ve Ln=Dn ratios are also presented in the
tables. As expected,  is mostly inuenced by the live-to-dead load ratio and
s value.  decreases as Ln=Dn increases, as the uncertainty in the live load is
signicantly greater than that of the dead load. It is also observed for a given type
of connection,  is insensitive to the connection stiness and/or strength. Take
Frame 5 under Ln=Dn = 2:0 as example, the system reliability index  is 2.61 for
Frame 5-EEP1 and 2.65 for Frame 5-EEP2. The two  values are essentially same,
although the two EEP connections have dierent stiness and strength; EEP1 is
partially restrained with partial strength and EEP 2 is fully restrained with full
strength.
Table 7.21: Weighted average  for the six frames under gravity loads only.
Frame
EEP TSD DW
s = 0:9 0:85 0:8 s = 0:9 0:85 0:8 s = 0:9 0:85 0:8
Frame 1 2.77 3.02 3.30 2.79 3.05 3.32 2.78 3.04 3.30
Frame 2 2.80 3.02 3.30 2.79 3.05 3.30 2.78 3.04 3.30
Frame 3 2.84 3.10 3.35 2.81 3.07 3.33 2.81 3.08 3.32
Frame 4 2.83 3.10 3.39 2.82 3.07 3.37 2.81 3.06 3.32
Frame 5 2.75 3.04 3.31 2.72 2.98 3.23 2.73 2.98 3.23
Frame 6 2.68 2.97 3.23 2.78 3.05 3.33 2.79 3.03 3.31
Average 2.78 3.04 3.31 2.78 3.04 3.31 2.78 3.04 3.30
Table 7.21 gives the relationship between s and the weighted average  for the
six frame series, averaged over ve Ln=Dn ratios and over the connections of same
type. The last row of Table 7.21 also gives the  averaged across the six frames.
Similar observation is made as in the case of combined wind and gravity loads,
the reliability results are essentially the same for the three types of connections,
although the EEP, TSD and DW connections have dierent characteristics in
terms of stiness and moment capacity. A single function is sucient to describe
the relationship between  and s for all three cases of connection types, i.e.,
 =  5:1357s + 7:405: (7.12)
The  corresponding to a given value of s can be found using Eq. (7.12).
For instance,  is 3.04 if a s of 0.85 is used, and reduces to 2.78 for s = 0:9.
162
Alternatively, if the target system reliability index under gravity loads is set to be
3.0, the required system resistance factor for the DDM is 0.87. Considering the
resistance factor is customarily rounded to the nearest 0.05, a system resistance
factor of 0.85 may be adopted.
7.10 Deformation-based reliability under com-
bined gravity and wind loads
For frames with semi-rigid connections, excessive deformation may also be used as
a performance criterion for wind design, instead of the ultimate resistance-based
design criterion as discussed in Section 6.2.1. For instance, rather than pushing a
frame to the point of \incipient collapse", one may choose to use a deformation
criterion, e.g., 1% drift ratio, to dene the ultimate limit state of the frame. This
is a type of performance-based design. It should be noted that this deformation-
based design criterion is intended for ultimate limit state, which is checked under
the load combination 1:2Dn+0:5Ln+1:0Wn; it is dierent from the serviceability
limit state criterion, which typically limits the wind drift ratio within 1/400 to
1/500 under the serviceability wind load (e.g., wind speeds with 10-year return
period).
This section examines the reliabilities of the six frames designed using the 1%
drift criterion. For each frame, three connections are considered, including EEP1,
TSD1 and DW1. The wind-to-gravity load ratio WT=GT is 0.15.
The ultimate design strength of a frame using the deformation-based perfor-
mance criterion is obtained as follows:
Step 1. Develop the nonlinear structural analysis model using the nominal values of
member material and geometric properties, and nominal values of connection
stiness and moment capacity.
Step 2. Apply the load combination 1:2Dn + 0:5Ln + 1:0Wn.
Step 3. Perform advanced analysis by incrementally and proportionally scaling the
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loads by a load scaling factor . The loads are increased until the frame
reaches the deformation criterion (in this study, 1% roof drift ratio). The
limit load scaling factor is denoted by n.
Step 4. Check the capacities of each connections per AISC-LRFD, based on the
internal actions determined by the advanced analysis at the applied load level
corresponding to n. Note that in checking the capacities of the connections,
the current resistance factor for connection design stipulated in AISC LRFD
is used, e.g.,  = 0:75 for tensile strength of bolts.
Step 5. If all connections are safe, then the ultimate design strength of the frame is
sn  (1:2Dn; 0:5Ln; 1:0Wn), in which s is the system resistance factor used
in the DDM. If there are connections failed, then the ultimate load ratio
needs to be gradually reduced until all connections satisfy the limit state
check.
Reliability analyses are performed using the direct Monte Carlo method under
the loads D + Lapt +Wmax. The basic procedures are as follows:
 Step 1: Randomly sample the basic random variables according to their
probabilistic distributions. Assign the randomly generated material, geo-
metric properties, connection properties and structural loads to the frame.
 Step 2: Perform an advanced analysis to check if the roof drift ratio under
the fully applied loads reaches 1%.
 Repeat Steps 1 and 2 N times, and observe the results.
Tables 7.22, 7.23, and7.24 compare the deformation-based reliability indices
(denoted by 2) and the ultimate resistance-based reliability indices (denoted by
1
1) for the frames with EEP1, TSD1, and DW1, respectively. It can be seen that
for all cases, 2 is somewhat smaller than 1. Take Frame 3 with EEP1 connection
11 are as reported in Tables 7.10, 7.11 and 7.12.
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for example. With a s of 0.85, the ultimate resistance-based reliability 1 is 2.52
(Pf = 0:0059), while the deformation-based reliability 2 is 2.16 (Pf = 0:015). The
two probabilities of failure dier by one order of magnitude. Similar observations
are made in other frames and other two types of connections. This may because the
uncertainties in material properties and connection properties aect the stiness
of a frame more than its ultimate resistance. For instance, the connection stiness
and Young's modulus may have important eects on a frame's stiness, but only
limited eects on its ultimate resistance.
Table 7.22: Ultimate resistance-based and deformation-based reliability indices
(EEP1 and WT=GT = 0:15).
Frame
Ultimate resistance-based 1 deformation-based 2
s =0.9 s =0.85 s =0.8 s =0.9 s =0.85 s =0.8
Frame 1-EEP1 2.27 2.63 2.83 2.04 2.23 2.43
Frame 2-EEP1 2.38 2.53 2.81 2.03 2.26 2.44
Frame 3-EEP1 2.23 2.52 2.72 2.01 2.16 2.53
Frame 4-EEP1 2.37 2.56 2.75 2.05 2.19 2.49
Frame 5-EEP1 2.24 2.44 2.69 2.03 2.28 2.41
Frame 6-EEP1 2.34 2.57 2.79 2.04 2.24 2.43
Average 2.30 2.54 2.76 2.03 2.23 2.46
Table 7.23: Ultimate resistance-based and deformation-based reliability indices
(TSD1 and WT=GT = 0:15).
Frame
Ultimate resistance-based 1 deformation-based 2
s =0.9 s =0.85 s =0.8 s =0.9 s =0.85 s =0.8
Frame 1-TSD1 2.20 2.55 2.78 2.05 2.15 2.43
Frame 2-TSD1 2.34 2.48 2.75 2.02 2.20 2.43
Frame 3-TSD1 2.10 2.46 2.67 2.05 2.18 2.40
Frame 4-TSD1 2.35 2.54 2.71 2.05 2.13 2.37
Frame 5-TSD1 2.17 2.35 2.62 1.99 2.22 2.40
Frame 6-TSD1 2.21 2.42 2.69 2.00 2.20 2.44
Average 2.23 2.47 2.70 2.03 2.18 2.41
7.11 Target system reliability index for the DDM
As presented in Sections 7.8 and 7.9, by using the DDM, it is possible to achieve
very uniform system reliability for steel frames with dierent connection types,
failure modes, and capability of load redistribution. Based on the results given in
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Table 7.24: Ultimate resistance-based and deformation-based reliability indices
(DW1 and WT=GT = 0:15).
Frame
Ultimate resistance-based 1 deformation-based 2
s =0.9 s =0.85 s =0.8 s =0.9 s =0.85 s =0.8
Frame 1-DW1 2.17 2.61 2.78 2.01 2.22 2.40
Frame 2-DW1 2.28 2.47 2.78 2.02 2.25 2.40
Frame 3-DW1 2.22 2.48 2.68 2.01 2.21 2.43
Frame 4-DW1 2.39 2.55 2.74 2.01 2.26 2.39
Frame 5-DW1 2.22 2.37 2.62 1.99 2.28 2.53
Frame 6-DW1 2.21 2.39 2.67 2.04 2.18 2.39
Average 2.25 2.48 2.71 2.01 2.23 2.42
Sections 7.8 and 7.9, a system resistance factor can be determined for the DDM,
with a safety level consistent with the required system target reliability index.
When LRFD was developed, the target reliabilities for structural members
were determined using a calibration procedure in which the reliabilities of a large
number of members designed using the old (but acceptable) practice (i.e., ASD-
allowable stress design) were evaluated. (Ellingwood et al., 1982; Ellingwood,
1994b). The target member reliability index in the current LRFD is about 2.6-
2.8 under gravity loads, and is somewhat lower under wind loads, approximately
about 2.5.
One may argue that the target system reliabilities for the DDM can be deter-
mined by a similar calibration procedure of evaluating the system reliabilities of
a wide range of frames designed using LRFD. The issue of this approach is that
the system reliability implication of the current LRFD crosses a very wide range.
As shown in Chapter 4, the system reliability indices for the eight rigid frames
(under gravity loads) designed by the current LRFD vary between 2.94 and 3.90.
It would be dicult to choose a single value of target reliability from such a wide
range.
Ideally, the target system reliability index should be selected depending on the
mode and consequences of system failure (Ellingwood, 2001). As the limit state of
the DDM is system collapse/instability, the consequence is more severe than that
of individual member failure in an indeterminate structure. Moreover, failures due
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to instability often occur more suddenly than failures due to yielding, and may
cause the entire structure, or large portions of it, to collapse suddenly. The target
reliability index set in the current LRFD of steel structures does not really dier-
entiate between mode or consequence of failure, except setting a higher reliability
target for connections to minimize connection failure (Ellingwood, 1994b). More
recently, Commentary Section C1.3.1 to ASCE (2010) suggests dierent target
reliabilities for dierent building Risk Categories, considering the mode or conse-
quence of failure. For example, for buildings in Occupancy Category II, the target
reliability index is suggested to be 3.0 \if the failure is not sudden and does not
lead to wide-spread progression of damage", and is increased to 3.5 for the failure
that is \either sudden or leads to wide-spread progression of damage".
It is acknowledged that the current LRFD serves well in terms of structural
safety. The DDM takes some of the conservatism out of current LRFD, as it allows
more of the members and connections to be designed close to their limits, thus
leads to a frame with a reliability that is similar to that of a simple indeterminate
frame. Compared with LRFD, the DDM captures the behavior of steel frames
more accurately. If the system resistance factor for the DDM is set too conserva-
tively, there will not be sucient economic incentives for engineers to adopt the
more rigorous and performance-oriented DDM. As shown in Section 6.3, for the
six series of frames with semi-rigid connections, with a system resistance factor
of s = 0:85, the DDM is still able to achieve more economic design solutions
than the member-based LRFD. However, if s is further reduced to 0.8, in many
cases the DDM becomes more conservative than LRFD. Ultimately, a suitable
target system reliability must be agreed upon by the stakeholders in the building
design process - professional engineers, researchers, and the regulatory community
(Ellingwood, 2001).
This thesis makes no specic recommendations of the appropriate target sys-
tem reliability of the DDM. Code writers can utilize the s versus  relationship
established in Sections 7.8 and 7.9 to arrive at suitable values of system resistance
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factor s for the DDM, if a target system reliability index  is given. In particular,
if a system resistance factor s of 0.85 is used, the reliability indices for the DDM
of semi-rigid frames is about 2.56 under combined wind and gravity loads, and 3.1
under gravity load combination.
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CHAPTER 8
CONCLUSIONS AND FUTURE WORK
8.1 Summary
This thesis presents some studies towards the system-based design of steel frames
with partially restrained connections based on advanced analysis. The uncertain-
ties associated with the system properties (e.g., material, geometry, initial imper-
fections, connection behaviour, etc) and the applied loads are treated employing
probabilistic methods. In particular, the statistical characteristics of connection
properties (stiness and strength) are estimated based on the connection test data
collected from the literature.
For frame systems with rigid connections and those with semi-rigid connec-
tions, the dierence between the two design approaches { DDM and AISC LRFD
{ is examined by comparing the design strengths given by the two methods. Fur-
thermore, the system reliability calibration for the DDM of semi-rigid steel frames
is performed by considering two load combinations: the combined wind and grav-
ity loads, and the gravity load combination. The reliability calibration considered
a number of factors, including connection type, connection stiness/strength, sys-
tem redundancy, and loading scenarios (wind-to-gravity load ratio, live-to-dead
load ratio). The relationships between the system resistance factor and the reli-
ability index are developed, which can be used by the code writers to determine
a suitable system resistance factor for the DDM consistent with a desired level of
system safety.
8.2 Remarks
Some remarkable conclusions drawn from this thesis are summarized here.
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In Chapter 4, some simple steel structures with rigid connections are consid-
ered. The structures are subjected to gravity loads only. The member-based
design approach, i.e., AISC LRFD and the system-based DDM (assuming a sys-
tem resistance factor s of 0.9) are used to calculate the system design strengths
for each case structure. Then the system reliabilities of the two design methods
are compared. The following conclusions can be drawn.
(a) For the eight steel structures investigated in this chapter, the DDM gives
system strengths higher than those given by LRFD; this dierence, however,
depends on the structure's capacity of load redistribution. For the structures
(cases 2, 5 and 8) having signicant load redistribution capacity following
initial yielding, the DDM gives system strength 12%-32% higher than those
given by LRFD. On the other hand, for the structures (case 1 and 4) that
collapse as a result of elastic instability involving very limited inelasticity, the
DDM and LRFD give almost the same strengths.
(b) The system reliability indices (against collapse) of the eight frames designed
by LRFD have large scatter, varying from 2.94 to 3.90. With the member-
based design method such as LRFD, there are obvious dierence in reliability
between systems and members.
(c) The DDM is able to provide a more consist system reliability regardless of
the structure layouts, structural redundancy, failure modes (either elastic or
inelastic), and the capacity of load redistribution. This conrms that the DDM
using the advanced analysis is advantageous over the existing member-based
LRFD in terms of achieving more uniform system reliabilities.
Chapter 5 examines the stochastic characteristics of connection properties,
namely the initial stiness and the moment capacity, using a probabilistic analysis
method based on the connection test data compiled from the literature. Dierent
test data need to be normalized rst so that they can be combined meaningfully
to estimate the statistics. To normalize the test data, the three-parameter-power
170
model is used to compute the nominal moment-rotation response of a connec-
tion. Then the test data is compared with the nominal data to obtain the mean
and COV of the test-to-nominal ratios of connection stiness and strength. For
the ve types of common connections (single web angle (SW) connection, double
web angle (DW) connection, top-and-seat angle (TS) connection, top-and-seat an-
gle connection with double web angle (TSD) connection, and extended end-plate
(EEP) connection), it was found that the initial stiness values have mean-to-
nominal ratios varying between 0.95 (EEP) to 1.12 (DW), with coecients of
variation in the range of 0.15 to 0.20. For moment capacity, the mean-to-nominal
ratio varies between 0.89 (DW) and 1.04 (SW), with COV varying between 0.12
(EEP) and 0.27 (SW). It was also found that the connection initial stiness and
moment capacity have a strong statistic correlation.
In Chapter 6, totally six series of typical planar steel frames are studied consid-
ering partially restrained beam-column connections, including extended end plate
connections, top and seat with double web angle connections, and double web an-
gle connections. The combined wind and gravity load combination is considered.
The design strengths given by the DDM and AISC LRFD are compared. The
main observations are:
(a) For all frame series, the design strengths given by the DDM is greater than
those given by LRFD, if a system resistance factor s of 0.9 is adopted. The
frame strength determined by LRFD is based on the formation of rst plas-
tic hinge, while the DDM utilizes the remaining strength after the formation
of rst hinge until system collapse. The discrepancy between the DDM and
LRFD depends on the structures' behaviour of inelastic load redistribution,
which may be aected by a number of factors, including connection stiness,
and wind-to-gravity load ratio. Stier connections tend to facilitate load re-
distribution.
(b) A frame with more redundancy does not necessarily gain more strength from
load redistribution. A redundant frame may develop multiple plastic hinges;
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however, if the hinges are all formed simultaneously, the additional strength
from the rst hinge to frame collapse may be quite small.
(c) For the six series of frames considered, it was found that the DDM is still able
to achieve more economic design solutions than LRFD if a system resistance
factor s of 0.85 is adopted in the DDM. However, if a s = 0:8 is assumed,
in many cases the DDM becomes more conservative than LRFD.
In Chapter 7, system reliability calibration is performed using the six series of
semi-rigid frames. Both wind load combination and gravity load combination are
considered. The following observations can be made.
(a) The simplied reliability analysis method presented in Section 7.2 and Section
7.3 is suitable for reliability calibration, considering its high computational
eciency and reasonable accuracy.
(b) The COV of the lateral resistance of the frames varies between 0.06 to 0.1,
with an average value of 0.08. The COV of the gravity resistance are quite
consistent between dierent frames and between dierent connections, approx-
imately 0.07 to 0.09.
(c) In both load combinations, it appears that the system reliabilities of the frames
do not depend on the type of connections. This may be because the strengths
of the frames are not governed by the limit states of the connections.
(d) In both load combinations, the  versus s relationship is not particularly sen-
sitive to the connection behaviour. This nding suggests that in practice, the
system resistance for semi-rigid frames may not need to dierentiate between
connection type. A single value of system resistance factor can be used for
all types of connections considered in this study, despite the connections have
quite dierent stiness/strength.
(e) The relationship between the system resistance factor S and the system re-
liability index  established in this study can facilitate code writers to arrive
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at suitable values of s for the DDM of semi-rigid frames, consistent with a
desired level of system safety.
(f) If a system resistance factor s of 0.85 is adopted in the DDM, the system
reliability index would be 3.1 under gravity load combination, and 2.56 under
combined wind and gravity loads.
8.3 Recommendation for future research
The following are recommendations for future research in the area of this study:
(a) In this study the connection moment-rotation response is determined using
the three-parameter-power model. The developed stochastic models of con-
nection properties is also based on the three-parameter-power model as the
nominal model. Other more advanced connection models, such as the compo-
nent method, can be considered.
(b) The research presented in this thesis is based on two-dimensional frames with
full lateral restraint in which the cross-sections are fully compact. Therefore,
the eects of lateral-torsional buckling and local buckling are ignored in the
present study. The same methodology can be used to perform reliability cali-
brations for space frames and frames with slender cross-sections, incorporating
connection behaviour.
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APPENDIX A
TEST-TO-NOMINAL RATIOS FOR
CONNECTION INITIAL STIFFNESS AND
MOMENT CAPACITY
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Table A.1: Test values and nominal values of the initial stiness (K0:002) and
moment capacity (M0:03) for SW connections.
Reference Test ID
Test Nominal Test/Nominal
M0:03 K0:002 M 00:03 K
0
0:002 M0:03
M00:03
K0:002
K00:002(kN.m) (kN.m/rad) (kN.m) (kN.m/rad)
Lipson (1968)
AA-2/1 1.42 61 2.01 57 0.71 1.07
AA-2/2 1.83 79 2.01 57 0.91 1.40
AA-3/1 4.48 253 4.80 320 0.93 0.79
AA-3/2 5.60 347 4.80 320 1.17 1.08
AA-4/1 8.29 510 8.79 712 0.94 0.72
AA-4/2 9.69 972 8.79 712 1.10 1.37
AA-5/1 19.64 1508 13.98 1579 1.41 0.96
AA-5/2 23.18 2354 13.98 1579 1.66 1.49
AA-6/1 29.72 3815 20.36 3322 1.46 1.15
AA-6/2 35.40 4534 20.36 3322 1.74 1.36
BB-4/1 12.42 943 11.55 771 1.08 1.22
BB-4/2 13.29 1042 11.55 771 1.15 1.35
B2-4 12.38 1447 11.55 1166 1.07 1.24
B3-4 14.27 1043 11.55 1166 1.24 0.90
C-4 17.33 3917 12.51 6402 1.39 0.61
D-4 16.39 3155 12.51 3402 1.31 0.93
Kong and Kim (2016)
W1S1T1 21.61 1190 28.75 1279 0.75 0.93
W1S1T2 64.46 8659 57.34 7720 1.12 1.12
W1S1T3 120.71 31148 89.08 22879 1.36 1.36
W1S2T1 32.40 2163 43.24 2351 0.75 0.92
W1S2T2 96.67 15758 86.24 14191 1.12 1.11
W1S2T3 181.02 56835 133.98 51970 1.35 1.09
W1S3T1 43.65 3360 58.34 3677 0.75 0.91
W1S3T2 130.23 24520 116.36 22200 1.12 1.10
W1S3T3 243.86 88567 180.77 65821 1.35 1.35
W2S1T1 18.83 648 27.99 710 0.67 0.91
W2S1T2 56.19 4375 54.70 4158 1.03 1.05
W2S1T3 105.22 14550 83.48 11979 1.26 1.21
W2S2T1 28.22 1166 42.09 1302 0.67 0.90
W2S2T2 84.19 7900 82.28 7630 1.02 1.04
W2S2T21 15.07 682 14.20 673 1.06 1.01
W2S2T22 26.99 1529 25.94 1481 1.04 1.03
W2S2T23 42.49 2919 41.21 2732 1.03 1.07
W2S2T24 61.55 4996 59.98 4768 1.03 1.05
W2S2T3 157.65 26361 125.57 21989 1.26 1.20
W2S3T1 37.99 1803 56.79 2034 0.67 0.89
W2S3T2 113.36 12243 111.00 11924 1.02 1.03
W2S3T3 212.27 40925 169.41 39322 1.25 1.04
W3S1T1 14.05 204 26.80 220 0.52 0.93
W3S1T2 41.91 1239 50.74 1236 0.83 1.00
W3S1T3 78.47 3707 75.26 3418 1.04 1.08
W3S2T1 20.98 356 40.32 402 0.52 0.89
W3S2T2 62.59 2178 76.31 2253 0.82 0.97
W3S2T3 117.20 6544 113.20 6234 1.04 1.05
W3S3T1 28.20 542 54.39 625 0.52 0.87
W3S3T2 84.13 3325 102.96 3510 0.82 0.95
W3S3T3 157.54 10018 152.73 9714 1.03 1.03
Mean 1.04 1.06
COV 0.27 0.17
Note: nominal values are computed using the three-parameter-power model.
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Table A.2: Test values and nominal values of the initial stiness (K0:002) and
moment capacity (M0:02) for DW connections.
Reference Test ID
Test Nominal Test/Nominal
M0:02 K0:002 M 00:02 K
0
0:002 M0:02
M00:02
K0:002
K00:002(kN.m) (kN.m/rad) (kN.m) (kN.m/rad)
Lewitt et al. (1969)
FK-4AB (S) 30.24 5427.22 37.86 6027.37 0.80 0.90
FK-4AB (N) 32.78 6571.99 37.86 6027.37 0.87 1.09
FK-4AB-M (S) 35.10 4489.79 41.67 6937.22 0.84 0.65
FK-4AB-M (N) 34.41 4793.72 41.67 6937.22 0.83 0.69
FK-4P (S) 31.87 6519.79 37.86 6027.37 0.84 1.08
FK-4P (N) 31.86 6014.29 37.86 6027.37 0.84 1.00
FB-4 (S) 33.08 6265.01 38.80 5096.58 0.85 1.23
FB-4 (N) 33.55 7541.28 38.80 5096.58 0.86 1.48
FB-4A (S) 32.64 5265.20 38.80 5096.58 0.84 1.03
FB-4A (N) 31.53 5380.22 38.80 5096.58 0.81 1.06
FB-4A* (S) 28.23 5187.70 38.80 5096.58 0.73 1.02
FB-4A* (N) 24.07 5240.57 38.80 5096.58 0.62 1.03
Thompson et al. (1970)
A1-2/1 24.77 4008.14 29.34 3749.30 0.84 1.07
A1-2/2 24.77 4094.00 29.34 3749.30 0.84 1.09
A1-3/1 23.60 5083.64 29.34 3749.30 0.80 1.36
A1-3/2 22.92 4721.86 29.34 3749.30 0.78 1.26
B1-1/1 47.79 8289.02 51.94 7974.16 0.92 1.04
B1-1/2 47.86 10459.34 51.94 7974.16 0.92 1.31
B1-2/1 36.29 9011.78 51.94 7974.16 0.70 1.13
B1-2/2 28.49 9772.62 51.94 7974.16 0.55 1.23
B1-3/1 47.99 10081.52 51.94 7974.16 0.92 1.26
B1-3/2 45.89 7646.13 51.94 7974.16 0.88 0.96
D1-1/1 32.54 6675.25 30.72 5109.00 1.06 1.31
D1-1/2 32.66 6111.91 30.72 5109.00 1.06 1.20
D1-2/1 37.58 6268.51 30.72 5109.00 1.22 1.23
D1-2/2 37.66 6779.31 30.72 5109.00 1.23 1.33
D1-3/1 32.41 6807.90 30.72 5109.00 1.06 1.33
D1-3/2 32.06 6472.79 30.72 5109.00 1.04 1.27
E1-1/1 41.44 13019.01 49.37 9715.35 0.84 1.34
E1-1/2 38.96 12889.87 49.37 9715.35 0.79 1.33
E1-2/1 37.66 15777.08 49.37 9715.35 0.76 1.62
E1-2/2 33.37 12430.02 49.37 9715.35 0.68 1.28
E1-3/1 44.88 14034.97 49.37 9715.35 0.91 1.44
E1-3/2 43.83 13062.40 49.37 9715.35 0.89 1.34
Abolmaali et al. (2003)
DW-102-6-19-3-406 12.00 1888.84 13.40 2256.27 0.90 0.84
DW-102-6-19-4-406 21.00 2965.75 19.38 2633.99 1.08 1.13
DW-102-16-19-4-406 62.99 18647.42 95.78 17532.37 0.66 1.06
DW-102-6-19-5-533 33.00 11186.05 30.83 11909.41 1.07 0.94
DW-102-10-19-5-533 60.99 21988.14 57.52 22541.81 1.06 0.98
DW-102-10-19-3-406 19.00 6073.49 19.29 6725.45 0.98 0.90
DW-102-10-19-4-406 39.00 13810.83 38.18 14836.92 1.02 0.93
DW-127-13-16-5-610 79.99 19266.37 84.04 21668.54 0.95 0.89
DW-127-19-19-5-610 91.99 35479.00 95.33 38230.33 0.96 0.93
DW-102-13-19-4-610 50.00 12202.97 50.74 11939.89 0.99 1.02
DW-127-10-16-4-610 37.00 5689.52 36.01 6267.98 1.03 0.91
DW-127-10-16-6-610 92.99 17852.49 95.80 19831.71 0.97 0.90
Mean 0.89 1.12
COV 0.16 0.19
Note: nominal values are computed using the three-parameter-power model.
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Table A.3: Test values and nominal values of the initial stiness (K0:002) and
moment capacity (M0:02) for TS connections.
Reference Test ID
Test Nominal Test/Nominal
M0:02 K0:002 M 00:02 K
0
0:002 M0:02
M00:02
K0:002
K00:002(kN.m) (kN.m/rad) (kN.m) (kN.m/rad)
Marley and Gerstle (1982)
A-1/4-1 46.37 6373 46.97 5572 0.99 1.14
A-1/4-2 { 6147 46.97 5572 { 1.10
B-1/4-1 { 12832 56.20 7781 { 1.65
B-1/4-2 43.13 8995 56.20 7781 0.77 1.16
C1-1/4-2 46.16 10158 56.20 7781 0.82 1.31
C2-1/4-1 45.86 8204 56.20 7781 0.82 1.05
C2-1/4-2 44.57 7814 56.20 7781 0.79 1.00
D1-1/4-1 46.75 5229 42.40 4545 1.10 1.15
D1-1/4-2 42.83 3916 42.40 4545 1.01 0.86
D2-1/4-1 46.76 5756 52.76 6933 0.89 0.83
D2-1/4-2 48.18 6362 52.76 6933 0.91 0.92
D3-1/4-1 36.52 5057 42.40 4545 0.86 1.11
D3-1/4-2 35.42 2472 34.35 2878 1.03 0.86
A-1/2-1 166.54 17326 170.29 25153 0.98 0.69
B-1/2-1 164.26 25905 170.29 25153 0.96 1.03
B-1/2-2 { 26211 170.29 25153 { 1.04
C1-1/2-1 179.39 30120 183.31 29855 0.98 1.01
C1-1/2-2 176.00 31396 183.31 29855 0.96 1.05
C2-1/2-1 171.89 28454 170.29 25153 1.01 1.13
C2-1/2-2 165.59 18253 170.29 25153 0.97 0.73
D1-1/2-1 183.13 30437 183.31 29855 1.00 1.02
D1-1/2-2 186.35 32578 183.31 29855 1.02 1.09
D2-1/2-1 179.76 49352 183.31 29855 0.98 1.65
D2-1/2-2 184.30 23548 183.31 29855 1.01 0.79
D3-1/2-1 174.70 26154 170.29 25153 1.03 1.04
D3-1/2-2 179.92 24539 170.29 25153 1.06 0.98
Harper Jr (1990) TEST3 341.00 52133 283.87 66716 1.20 0.78
Mander et al. (1994)
R1-01 { 54921 292.27 66429 { 0.83
R1-05 684.92 123700 547.53 92574 1.25 1.34
R1-06 641.09 128783 547.53 92574 1.17 1.39
R1-11 417.88 72945 292.35 66443 1.43 1.10
Mean 1.00 1.04
COV 0.14 0.20
Note: nominal values are computed using the three-parameter-power model.
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Table A.4: Test values and nominal values of the initial stiness (K0:002) and
moment capacity (M0:02) for TSD connections.
Reference Test ID
Test Nominal Test/Nominal
M0:02 K0:002 M 00:02 K
0
0:002 M0:02
M00:02
K0:002
K00:002(kN.m) (kN.m/rad) (kN.m) (kN.m/rad)
Azizinamini et al. (1985)
8S1 35.34 6460.14 30.22 5263.41 1.17 1.23
8S3 45.77 9240.54 40.14 8401.66 1.14 1.10
8S4 17.48 1773.23 15.88 1208.51 1.10 1.47
8S5 36.92 7086.75 37.44 6801.27 0.99 1.04
8S6 26.90 4411.27 33.56 4998.12 0.80 0.88
8S7 39.84 5133.68 33.08 5653.38 1.20 0.91
8S8 41.52 6378.93 33.08 5653.38 1.26 1.13
8S9 44.98 8671.18 36.94 8090.29 1.22 1.07
8S10 64.32 19906.58 60.44 17963.72 1.06 1.11
14S1 73.79 16593.59 63.76 12885.05 1.16 1.29
14S2 104.03 24531.21 100.73 24296.82 1.03 1.01
14S3 70.67 11707.84 56.25 11875.35 1.26 0.99
14S4 89.44 18736.64 78.86 16314.22 1.13 1.15
14S5 101.01 22260.29 86.23 18567.25 1.17 1.20
14S6 114.04 22329.36 86.23 18567.25 1.32 1.20
14S8 170.04 41543.64 142.09 32866.96 1.20 1.26
14S9 112.44 23374.10 108.03 23254.63 1.04 1.01
14WS1 99.52 17305.59 73.89 16863.26 1.35 1.03
14WS2 134.44 32130.78 115.55 26818.89 1.16 1.20
Fu et al. (1998)
LM-P 44.82 8404.09 52.64 9172.22 0.85 0.92
LM-T 44.60 8933.01 52.64 9172.22 0.85 0.97
LM-P15 32.60 7653.58 52.64 9172.22 0.62 0.83
LM-T15 46.36 8047.92 52.64 9172.22 0.88 0.88
Calado et al. (2000)
BCC7-M 68.62 21119.12 70.26 15897.85 0.98 1.33
BCC9-M 70.31 17237.59 70.26 15897.85 1.00 1.08
BCC10-M 70.63 17413.41 70.26 15897.85 1.01 1.10
Komuro et al. (2002)
W18-m 98.07 33843.40 171.12 36554.20 0.57 0.93
W29-m 107.74 32578.97 200.84 45513.85 0.54 0.72
Reinosa et al. (2014)
TEST1 82.53 6299.47 70.55 6083.69 1.17 1.04
TEST2 48.00 4405.63 36.71 4879.42 1.31 0.90
TEST3 42.57 3268.72 40.27 3451.50 1.06 0.95
TEST4 68.07 5113.57 58.13 5166.73 1.17 0.99
Mean 1.05 1.06
COV 0.20 0.15
Note: nominal values are computed using the three-parameter-power model.
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Table A.5: Test values and nominal values of the initial stiness (K0:002) and
moment capacity (M0:02) for EEP connections.
Reference Test ID
Test Nominal Test/Nominal
M0:02 K0:002 M 00:02 K
0
0:002 M0:02
M00:02
K0:002
K00:002(kN.m) (kN.m/rad) (kN.m) (kN.m/rad)
Ioannides (1979)
TEST 1 101.72 23816 108.40 20376 0.94 1.17
TEST 2 254.44 73908 210.45 61852 1.21 1.19
TEST 3 327.66 93328 329.94 98360 0.99 0.95
TEST 4 122.23 33907 120.76 25868 1.01 1.31
TEST 5 247.46 46634 231.29 66769 1.07 0.70
Dews (1979)
TEST 1 84.28 8176 95.76 10030 0.88 0.82
TEST 2 89.11 10353 91.46 12874 0.97 0.80
TEST 3 168.53 52885 185.86 41090 0.91 1.29
Johnstone and Walpole (1981)
TEST 1-L 252.39 60894 239.85 47037 1.05 1.29
TEST 1-R 265.84 67154 239.85 47037 1.11 1.43
TEST 2-L 253.02 40495 239.85 47037 1.05 0.86
TEST 2-R 242.11 40174 239.85 47037 1.01 0.85
TEST 3-L 217.38 36608 195.67 41788 1.11 0.88
TEST 3-R 211.86 41077 195.67 41788 1.08 0.98
TEST 4-L 195.16 30924 192.30 30889 1.01 1.00
TEST 4-R 170.14 15207 192.30 30889 0.88 0.49
Yee (1984)
K1B 419.32 63027 429.70 68306 0.98 0.92
K9 393.56 48334 352.06 47463 1.12 1.02
K4 397.92 55899 371.47 54795 1.07 1.02
K5A 393.62 61018 371.47 54795 1.06 1.11
K8 379.66 45709 371.47 54795 1.02 0.83
K10 385.03 51530 371.47 54795 1.04 0.94
K11 285.81 52829 371.47 54795 0.77 0.96
K12 187.73 30026 173.92 36762 1.08 0.82
B1 344.08 48761 342.52 59299 1.00 0.82
B2 216.61 34907 228.34 39532 0.95 0.88
B3 211.55 36116 226.63 41478 0.93 0.87
C1 168.17 21170 135.20 23859 1.24 0.89
C2 71.64 10656 62.75 12081 1.14 0.88
D1 151.15 22773 136.21 25925 1.11 0.88
D2 215.79 25639 186.72 29083 1.16 0.88
Zandonini and Zanon (1988)
EPB 1-2 184.85 54074 222.10 59756 0.83 0.90
EPB 1-3 203.00 59024 228.47 82457 0.89 0.72
EPB 1-5 228.54 92332 252.76 93909 0.90 0.98
Bose et al. (1996)
7 235.53 49824 242.80 54868 0.97 0.91
11 281.46 67779 324.44 65464 0.87 1.04
12 356.33 78321 422.91 75408 0.84 1.04
13 688.71 204469 834.88 217699 0.82 0.94
14 370.55 53781 441.27 61212 0.84 0.88
16 172.86 33195 207.08 41725 0.83 0.80
Fang et al. (2014)
SMA-D10-190 32.80 11294 34.87 11586 0.94 0.97
SMA-D10-240 32.10 11153 34.83 11552 0.92 0.97
SMA-D10-240-d 40.40 7954 40.72 9403 0.99 0.85
SMA-D10-290 33.60 8713 34.83 11552 0.96 0.75
SMA-D16-190 69.19 29409 78.92 27023 0.88 1.09
SMA-D16-240 90.09 16925 94.29 18927 0.96 0.89
SMA-D16-290 91.49 18816 94.29 18927 0.97 0.99
Zhu et al. (2019a)
S10 160.00 11706 154.42 11655 1.00 1.04
S10BP 180.00 14890 154.42 11655 1.28 1.17
S10TS 150.00 9976 154.42 11655 0.86 0.97
S10TL 130.00 10816 154.42 11655 0.93 0.84
S20BP 225.00 13983 221.08 11084 1.26 1.02
S20BP-CS 220.00 12372 221.08 11084 1.12 1.00
S20BP-CL 200.00 8652 221.08 11084 0.78 0.90
Mean 0.99 0.95
COV 0.12 0.17
Note: nominal values are computed using the three-parameter-power model.
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APPENDIX B
NOMINAL LOADS FOR RELIABILITY
CALIBRATIONS FOR COMBINED WIND
AND GRAVITY LOADS
This appendix presents the nominal wind loads Wn and dead loads Dn of the six
series of frames studied in Chapter 7 for reliability calibrations under combined
wind and gravity loads. The nominal live load Ln = 1:5Dn, thus not included
in the tables. Under the combined loads 1:2Dn +Wn + 0:5Ln, the frames are at
ultimate strength limit states according to the DDM, i.e.,
sRn = 1:2Dn +Wn + 0:5Ln;
in which s is the system resistance factor used in the DDM, and Rn denotes the
nominal strength of the frame (See Section 7.2).
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Table B.1: Nominal loads of Frame 1 for various values of WT/GT and s.
TYPE WT /GT
s = 0.9 s = 0.85 s = 0.8
Wn(kN) Dn(kN/m) Wn(kN) Dn(kN/m) Wn(kN) Dn(kN/m)
EEP1
0.10 43.13 41.47 40.73 39.16 38.34 36.86
0.15 49.58 31.78 46.82 30.01 44.07 28.25
0.20 53.02 25.49 50.07 24.07 47.13 22.65
TSD1
0.10 31.23 30.02 29.49 28.35 27.76 26.68
0.15 34.21 21.92 32.31 20.71 30.41 19.49
0.20 35.95 17.28 33.96 16.32 31.96 15.36
TSD2
0.10 38.73 37.24 36.58 35.17 34.43 33.10
0.15 44.98 28.83 42.48 27.23 39.98 25.63
0.20 47.63 22.89 44.98 21.62 42.34 20.35
DW1
0.10 11.00 10.58 10.39 9.99 9.78 9.40
0.15 12.02 7.71 11.35 7.28 10.69 6.85
0.20 12.70 6.11 12.00 5.77 11.29 5.43
DW2
0.10 20.88 20.08 19.72 18.96 18.56 17.85
0.15 23.06 14.78 21.78 13.96 20.50 13.14
0.20 24.49 11.77 23.13 11.12 21.77 10.47
Table B.2: Nominal loads of Frame 2 for various values of WT/GT and s.
TYPE WT/GT
s = 0.9 s = 0.85 s = 0.8
Wn(kN) Dn(kN/m) Wn(kN) Dn(kN/m) Wn(kN) Dn(kN/m)
EEP1
0.10 113.43 79.39 107.13 74.98 100.83 70.57
0.15 138.00 64.39 130.33 60.81 122.66 57.24
0.20 154.39 54.03 145.81 51.03 137.23 48.03
TSD1
0.10 108.50 75.94 102.47 71.72 96.44 67.50
0.15 129.22 60.29 122.04 56.94 114.86 53.59
0.20 141.35 49.47 133.50 46.72 125.65 43.97
TSD2
0.10 112.12 78.47 105.89 74.11 99.66 69.75
0.15 135.65 63.29 128.11 59.78 120.58 56.26
0.20 151.34 52.96 142.93 50.02 134.52 47.08
DW1
0.10 70.25 49.17 66.35 46.44 62.45 43.71
0.15 78.66 36.71 74.29 34.67 69.92 32.63
0.20 83.48 29.21 78.84 27.59 74.20 25.97
DW2
0.10 93.83 65.67 88.62 62.02 83.40 58.38
0.15 108.00 50.39 102.00 47.60 96.00 44.80
0.20 116.59 40.80 110.12 38.54 103.64 36.27
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Table B.3: Nominal loads of Frame 3 for various values of WT/GT and s.
TYPE WT/GT
s = 0.9 s = 0.85 s = 0.8
Wn(kN) Dn(kN/m) Wn(kN) Dn(kN/m) Wn(kN) Dn(kN/m)
EEP1
0.10 92.87 22.98 87.71 21.70 82.55 20.42
0.15 107.32 17.70 101.36 16.72 95.39 15.74
0.20 114.97 14.22 108.58 13.43 102.20 12.64
TSD1
0.10 55.07 13.62 52.01 12.87 48.95 12.11
0.15 61.74 10.19 58.31 9.62 54.88 9.05
0.20 65.19 8.07 61.57 7.62 57.95 7.17
TSD2
0.10 72.89 18.03 68.84 17.03 64.79 16.03
0.15 84.43 13.93 79.74 13.15 75.05 12.38
0.20 90.88 11.24 85.83 10.62 80.78 9.99
DW1
0.10 25.36 6.27 23.95 5.92 22.54 5.58
0.15 27.96 4.61 26.41 4.36 24.85 4.10
0.20 29.68 3.67 28.03 3.47 26.39 3.26
DW2
0.10 35.13 8.69 33.18 8.21 31.23 7.73
0.15 38.95 6.42 36.78 6.07 34.62 5.71
0.20 41.39 5.12 39.09 4.84 36.79 4.55
Table B.4: Nominal loads of Frame 4 for various values of WT/GT and s.
TYPE WT/GT
s = 0.9 s = 0.85 s = 0.8
Wn(kN) Dn(kN/m) Wn(kN) Dn(kN/m) Wn(kN) Dn(kN/m)
EEP1
0.10 104.32 17.55 98.52 16.58 92.73 15.60
0.15 118.92 13.34 112.31 12.60 105.70 11.86
0.20 127.59 10.73 120.50 10.14 113.41 9.54
TSD1
0.10 98.45 16.56 92.98 15.64 87.51 14.72
0.15 113.55 12.74 107.25 12.03 100.94 11.32
0.20 122.67 10.32 115.86 9.75 109.04 9.17
TSD2
0.10 102.29 17.21 96.60 16.25 90.92 15.30
0.15 117.44 13.17 110.91 12.44 104.39 11.71
0.20 126.54 10.64 119.51 10.05 112.48 9.46
DW1
0.10 66.68 11.22 62.97 10.59 59.27 9.97
0.15 73.71 8.27 69.62 7.81 65.52 7.35
0.20 77.61 6.53 73.30 6.17 68.99 5.80
DW2
0.10 85.17 14.33 80.44 13.53 75.70 12.74
0.15 95.78 10.74 90.46 10.15 85.14 9.55
0.20 101.60 8.55 95.96 8.07 90.31 7.60
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Table B.5: Nominal loads of Frame 5 for various values of WT/GT and s.
TYPE WT /GT
s = 0.9 s = 0.85 s = 0.8
Wn(kN) Dn(kN/m) Wn(kN) Dn(kN/m) Wn(kN) Dn(kN/m)
EEP1
0.10 35.17 15.03 33.22 14.20 31.26 13.36
0.15 40.22 11.46 37.99 10.82 35.75 10.19
0.20 43.01 9.19 40.62 8.68 38.23 8.17
EEP2
0.10 36.56 15.62 34.53 14.75 32.49 13.89
0.15 42.36 12.07 40.01 11.40 37.66 10.73
0.20 45.94 9.82 43.39 9.27 40.84 8.73
TSD1
0.10 25.08 10.72 23.69 10.12 22.29 9.53
0.15 27.66 7.88 26.13 7.44 24.59 7.01
0.20 29.16 6.23 27.54 5.88 25.92 5.54
TSD2
0.10 30.57 13.06 28.87 12.34 27.17 11.61
0.15 34.04 9.70 32.15 9.16 30.26 8.62
0.20 36.05 7.70 34.05 7.28 32.05 6.85
DW1
0.10 12.95 5.53 12.23 5.23 11.51 4.92
0.15 14.59 4.16 13.78 3.93 12.97 3.69
0.20 15.55 3.32 14.69 3.14 13.82 2.95
DW2
0.10 15.88 6.79 15.00 6.41 14.12 6.03
0.15 17.72 5.05 16.73 4.77 15.75 4.49
0.20 18.78 4.01 17.74 3.79 16.70 3.57
Table B.6: Nominal loads of Frame 6 for various values of WT/GT and s.
TYPE WT/GT
s = 0.9 s = 0.85 s = 0.8
Wn(kN) Dn(kN/m) Wn(kN) Dn(kN/m) Wn(kN) Dn(kN/m)
EEP1
00.10 136.56 51.08 128.98 48.24 121.39 45.40
0.15 172.48 43.01 162.90 40.62 153.32 38.23
0.20 197.42 36.92 186.45 34.87 175.49 32.82
TSD1
0.10 119.19 44.58 112.57 42.10 105.95 39.63
0.15 151.39 37.75 142.98 35.65 134.57 33.55
0.20 168.15 31.45 158.81 29.70 149.47 27.95
TSD2
0.10 127.58 47.72 120.49 45.07 113.40 42.42
0.15 161.34 40.23 152.38 38.00 143.42 35.76
0.20 183.61 34.34 173.41 32.43 163.21 30.52
DW1
0.10 103.21 38.60 97.47 36.46 91.74 34.31
0.15 121.28 30.24 114.54 28.56 107.81 26.88
0.20 129.25 24.17 122.07 22.83 114.89 21.49
DW2
0.10 109.89 41.10 103.79 38.82 97.68 36.54
0.15 134.02 33.42 126.58 31.56 119.13 29.71
0.20 144.07 26.94 136.07 25.45 128.06 23.95
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